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1. Philosophy of design 

1.1 Introduction 

The task of the structural engineer is to design a structure that satisfies the needs of the 
client and the user. Specifically, the structure should be safe, economical to build and maintain, 
and aesthetically pleasing. But what does the design process involve? 

Design is a word that means different things to different people. In dictionaries, the word 
is described as a mental plan, preliminary sketch, pattern, construction, plot, or invention. Even 
among those closely involved with the built environment, there are considerable differences in 
interpretation. Architects, for example, may interpret design as the production of drawings and 
models to show what a new building will look like. However, to civil and structural engineers, 
design is taken to mean the entire planning process for a new building structure, bridge, tunnel, 
road, etc., from outline concepts and feasibility studies through mathematical calculations to 
working drawings that could show every last nut and bolt in the project. Together with the 
drawings, there will be bills of quantities, a specification, and a contract, which will form the 
necessary legal and organizational framework within which a contractor, under the supervision 
of engineers and architects, can construct the scheme. 

There are many inputs into the engineering design process, as illustrated by Fig. 1.1, 
including: 

1. client brief 
2. experience 
3. imagination 
4. a site investigation 
5. model and laboratory tests 
6. economic factors 
7. environmental factors. 
The starting point for the designer is usually a conceptual brief from the client, who may 

be a private developer or perhaps a government body. The conceptual brief may consist of some 
sketches prepared by the client or perhaps a detailed set of architect’s drawings. Experience is 
crucially important, and a client will always demand that the firm he is employing to do the design 
has previous experience designing similar structures. 

Although imagination is thought by some to be entirely the architect's domain, this is not 
so. For engineers and technicians, and imagination of how elements of structure interrelate in 
three dimensions is essential, as is an appreciation of the loadings to which structures might be 
subject in certain circumstances. In addition, imaginative solutions to engineering problems are 
often required to save money, time or to improve safety or quality. 

A site investigation is essential to determine the strength and other characteristics of the 
ground on which the structure will be founded. If the structure is unusual in any way or subject 
to abnormal loadings, model or laboratory tests may also be used to help determine how the 
structure will behave. 

In today’s economic climate, a structural designer must be constantly aware of the cost 
implications of his or her design. On the one hand, design should aim to achieve economy of 
materials in the structure, but over-refinement can lead to an excessive number of different sizes 
and components in the structure, and labor costs will rise. In addition, the actual cost of the 
designer’s time should not be excessive, or this will undermine the employer’s competitiveness. 
The idea is to produce a workable design achieving a reasonable economy of materials while 
keeping manufacturing and construction costs down and avoiding unnecessary design and 
research expenditure. Attention to detailing and buildability of structures cannot be 
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overemphasized in design. Most failures are as a result of poor detailing rather than incorrect 
analysis. 

 

Fig. 1.1 Inputs into the design process. 

Designers must also understand how the structure will fit into the environment for which 
it is designed. Today many proposals for engineering structures stand or fall on this basis, so it is 
part of the designer’s job to try to anticipate and reconcile the environmental priorities of the 
public and government. 

The engineering design process can often be divided into two stages: (1) a feasibility study 
involving a comparison of the alternative forms of structure and selection of the most suitable 
type and (2) a detailed design of the chosen structure. The success of stage 1, the conceptual 
design, relies mainly on engineering judgment and instinct, both of which are the outcome of 
many years’ experience of designing structures. Stage 2, the detailed design, also requires these 
attributes but is usually more dependent upon a thorough understanding of the codes of practice 
for structural design, e.g. BS 8110 and BS 5950. These documents are based on the amassed 
experience of many generations of engineers, and the results of research. They help to ensure 
safety and economy of construction, and that mistakes are not repeated. For instance, after the 
infamous disaster at the Ronan Point block of flats in Newham, London, when a gas explosion 
caused a serious partial collapse, research work was carried out, and codes of practice were 
amended so that such structures could survive a gas explosion, with damage being confined to 
one level. 

The aim of this book is to look at the procedures associated with the detailed design of 
structural elements such as beams, columns and slabs. Chapter 2 will help the reader to revise 
some basic theories of structural behaviour. Chapters 3-6 deal with design to British Standard 
(BS) codes of practice for the structural use of concrete (BS 8110), structural steelwork (BS 5950), 
masonry (BS 5628) and timber (BS 5268). Chapter 7 introduces the new Eurocodes (EC) for 
structural design and Chapters 8-11 then describe the layout and design principles in EC2, EC3, 
EC6 and EC5 for concrete, steelwork, masonry and timber respectively. 

1.2 Basis of design 

Table 1.1 illustrates some risk factors that are associated with activities in which people 
engage. It can be seen that some degree of risk is associated with air and road travel. However, 
people normally accept that the benefits of mobility outweigh the risks. Staying in buildings, 
however, has always been regarded as fairly safe. The risk of death or injury due to structural 
failure is extremely low, but as we spend most of our life in buildings this is perhaps just as well. 
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Table 1.1 Comparative death risk per 108 persons exposed 

Mountaineering (international) 2700 
Air travel (international) 120 

Deep water trawling 59 
Car travel 56 

Coal mining 21 
Construction sites 8 

Manufacturing 2 
Accidents at home 2 

Fire at home 0.1 
Structural failures 0.002 

 

As far as the design of structures for safety is concerned, it is seen as the process of 
ensuring that stresses due to loading at all critical points in a structure have a very low chance of 
exceeding the strength of materials used at these critical points. Figure 1.2 illustrates this in 
statistical terms. 

In design there exist within the structure a number of critical points (e.g. beam mid-spans) 
where the design process is concentrated. The normal distribution curve on the left of Fig. 1.2 
represents the actual maximum material stresses at these critical points due to the loading. 
Because loading varies according to occupancy and environmental conditions, and because 
design is an imperfect process, the material stresses will vary about a modal value - the peak of 
the curve. Similarly the normal distribution curve on the right represents material strengths at 
these critical points, which are also not constant due to the variability of manufacturing 
conditions. 

The overlap between the two curves represents a possibility that failure may take place 
at one of the 

 

Fig. 1.2 Relationship between stress and strength. 

critical points, as stress due to loading exceeds the strength of the material. In order for 
the structure to be safe the overlapping area must be kept to a minimum. The degree of overlap 
between the two curves can be minimized by using one of three distinct design philosophies, 
namely: 

1. permissible stress design 
2. load factor method 
3. limit state design. 

1.2.1 PERMISSIBLE STRESS DESIGN 

In permissible stress design, sometimes referred to as modular ratio or elastic design, the 
stresses in the structure at working loads are not allowed to exceed a certain proportion of the 
yield stress of the construction material, i.e. the stress levels are limited to the elastic range. By 
assuming that the stressstrain relationship over this range is linear, it is possible to calculate the 
actual stresses in the material concerned. Such an approach formed the basis of the design 
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methods used in CP 114 (the forerunner of BS 8110) and BS 449 (the forerunner of BS 5950). 
However, although it modelled real building performance under actual conditions, this 

philosophy had two major drawbacks. Firstly, permissible design methods sometimes tended to 
overcomplicate the design process and also led to conservative solutions. Secondly, as the quality 
of materials increased and the safety margins decreased, the assumption that stress and strain 
are directly proportional became unjustifiable for materials such as concrete, making it 
impossible to estimate the true factors of safety. 

1.2.2 LOAD FACTOR DESIGN 

Load factor or plastic design was developed to take account of the behaviour of the 
structure once the yield point of the construction material had been reached. This approach 
involved calculating the collapse load of the structure. The working load was derived by dividing 
the collapse load by a load factor. This approach simplified methods of analysis and allowed 
actual factors of safety to be calculated. It was in fact permitted in CP 114 and BS 449 but was 
slow in gaining acceptance and was eventually superseded by the more comprehensive limit 
state approach. 

The reader is referred to Appendix A for an example illustrating the differences between 
the permissible stress and load factor approaches to design. 

1.2.3 LIMIT STATE DESIGN 

Originally formulated in the former Soviet Union in the 1930s and developed in Europe in 
the 1960s, limit state design can perhaps be seen as a compromise between the permissible and 
load factor methods. It is in fact a more comprehensive approach which takes into account both 
methods in appropriate ways. Most modern structural codes of practice are now based on the 
limit state approach. BS 8110 for concrete, BS 5950 for structural steelwork, BS 5400 for bridges 
and BS 5628 for masonry are all limit state codes. The principal exceptions are the code of 
practice for design in timber, BS 5268, and the old (but still current) structural steelwork code, 
BS 449, both of which are permissible stress codes. It should be noted, however, that the 
Eurocode for timber (EC5), which is expected to replace BS 5268 around 2010, is based on limit 
state principles. 

As limit state philosophy forms the basis of the design methods in most modern codes of 
practice for structural design, it is essential that the design methodology is fully understood. This 
then is the purpose of the following subsections. 

1.2.3.1 Ultimate and serviceability limit states 

The aim of limit state design is to achieve acceptable probabilities that a structure will not 
become unfit for its intended use during its design life, that is, the structure will not reach a limit 
state. There are many ways in which a structure could become unfit for use, including excessive 
conditions of bending, shear, compression, deflection and cracking (Fig. 1.3). Each of these 
mechanisms is a limit state whose effect on the structure must be individually assessed. 

Some of the above limit states, e.g. deflection and cracking, principally affect the 
appearance of the structure. Others, e.g. bending, shear and compression, may lead to partial or 
complete collapse of the structure. Those limit states which can cause failure of the structure are 
termed ultimate limit states. The others are categorized as serviceability limit states. The ultimate 
limit states enable the designer to calculate the strength of the structure. Serviceability limit 
states model the behaviour of the structure at working loads. In addition, there may be other 
limit states which may adversely affect the performance of the structure, e.g. durability and fire 
resistance, and which must therefore also be considered in design. 

It is a matter of experience to be able to judge which limit states should be considered in 
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the design of particular structures. Nevertheless, once this has been done, it is normal practice 
to base the design on the most critical limit state and then check for the remaining limit states. 
For example, for reinforced concrete beams the ultimate limit states of bending and shear are 
used to size the beam. The design is then checked for the remaining limit states, e.g. deflection 
and cracking. On the other hand, the serviceability limit state of deflection is normally critical in 
the design of concrete slabs. Again, once the designer has determined a suitable depth of slab, 
he/she must then make sure that the design satisfies the limit states of bending, shear and 
cracking. 

In assessing the effect of a particular limit state on the structure, the designer will need 
to assume certain values for the loading on the structure and the strength of the materials 
composing the structure. This requires an understanding of the concepts of characteristic and 
design values which are discussed below. 

1.2.3.2 Characteristic and design values 

As stated at the outset, when checking whether a particular member is safe, the designer 
cannot be certain about either the strength of the material composing the member or, indeed, 
the load which the member must carry. The material strength may be less than intended (a) 
because of its variable composition, and (b) because of the variability of manufacturing 
conditions during construction, and other effects such as corrosion. Similarly the load in the 
member may be greater than anticipated (a) because of the variability of the occupancy or 
environmental loading, and (b) because of unforeseen circumstances which may lead to an 
increase in the general level of loading, errors in the analysis, errors during construction, etc. 

In each case, item (a) is allowed for by using a characteristic value. The characteristic 
strength is the value below which the strength lies in only a small number of cases. Similarly the 
characteristic load is the value above which the load lies in only a small percentage of cases. In 
the case of strength the characteristic value is determined from test results using statistical 
principles, and is normally defined as the value below which not more than 5% of the test results 
fall. However, at this stage there are insufficient data available to apply statistical principles to 
loads. Therefore the characteristic loads are normally taken to be the design loads from other 
codes of practice, e.g. BS 648 and BS 6399. 

The overall effect of items under (b) is allowed for using a partial safety factor: γm for 
strength and γ f for load. The design strength is obtained by dividing the characteristic strength 
by the partial safety factor for strength: 

These allow the designer to rapidly assess the suitability of the proposed design. 
However, before discussing these procedures in detail, Chapter 2 describes in general terms how 
the design loads acting on the structure are estimated and used to size individual elements of 
the structure. 

1.3 Summary 

This chapter has examined the bases of three philosophies of structural design: 
permissible stress, load factor and limit state. The chapter has concentrated on limit state design 
since it forms the basis of the design methods given in the codes of practice for concrete (BS 
8110), structural steelwork (BS 5950) and masonry (BS 5628). The aim of limit state design is to 
ensure that a structure will not become unfit for its intended use, that is, it will not reach a limit 
state during its design life. Two categories of limit states are examined in design: ultimate and 
serviceability. The former is concerned with overall stability and determining the collapse load of 
the structure; the latter examines its behaviour under working loads. Structural design principally 
involves ensuring that the loads acting on the structure do not exceed its strength and the first 
step in the design process then is to estimate the loads acting on the structure. 
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Fig. 1.3 Typical modes of failure for beams and columns.
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Questions 

1. Explain the difference between conceptual design and detailed design. 
2. What is a code of practice and what is its purpose in structural design? 
3. List the principal sources of uncertainty in structural design and discuss how these 

uncertainties are rationally allowed for in design. 
4. The characteristic strengths and design strengths are related via the partial safety factor for 

materials. The partial safety factor for concrete is higher than for steel reinforcement. Discuss 
why this should be so. 

5. Describe in general terms the ways in which a beam and column could become unfit for use. 
6. The design load is obtained by multiplying the characteristic load by the partial safety factor 

for load: 
7. Simplified procedures for calculating the moment, shear and axial load capacities of structural 

elements together with acceptable deflection limits are described in the appropriate codes 
of practice. 

 

 

The value of γm will depend upon the properties of the actual construction material being 
used. Values for γf depend on other factors which will be discussed more fully in Chapter 2. 

In general, once a preliminary assessment of the design loads has been made it is then 
possible to calculate the maximum bending moments, shear forces and deflections in the 
structure (Chapter 2). The construction material must be capable of withstanding these forces 
otherwise failure of the structure may occur, i.e. 
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2. Basic structural concepts and material properties 

2.1 Introduction 

All structures are composed of a number of interconnected elements such as slabs, 
beams, columns, walls and foundations. Collectively, they enable the internal and external loads 
acting on the structure to be safely transmitted down to the ground. The actual way that this is 
achieved is difficult to model and many simplifying, but conservative, assumptions have to be 
made. For example, the degree of fixity at column and beam ends is usually uncertain but, 
nevertheless, must be estimated as it significantly affects the internal forces in the element. 
Furthermore, it is usually assumed that the reaction from one element is a load on the next and 
that the sequence of load transfer between elements occurs in the order: ceiling/floor loads to 
beams to columns to foundations to ground (Fig. 2.1). 

At the outset, the designer must make an assessment of the future likely level of loading, 
including self-weight, to which the structure may be subject during its design life. Using computer 
methods or hand calculations the design loads acting on individual elements can then be 
evaluated. The design loads are used to calculate the bending moments, shear forces and 
deflections at critical points along the elements. Finally, suitable dimensions for the element can 
be determined. This aspect requires an understanding of the elementary theory of bending and 
the behaviour of elements subject to compressive loading. These steps are summarized in Fig. 
2.2 and the following sections describe the procedures associated with each step. 

 

Fig. 2.1 Sequence of load transfer between elements of a structure. 

 

2.2 Design loads acting on structures 

The loads acting on a structure are divided into three basic types: dead, imposed and 
wind. For each type of loading there will be characteristic and design values, as discussed in 
Chapter 1, which must be estimated. In addition, the designer will have to determine the 
particular combination of loading which is likely to produce the most adverse effect on the 
structure in terms of bending moments, shear forces and deflections. 

2.2.1 DEAD LOADS, Gk, gk 

Dead loads are all the permanent loads acting on the structure including self-weight, finishes, fixtures 
and partitions. The characteristic dead loads can be
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Fig. 2.2 Design process. 

2.2.2 IMPOSED LOADS Qk, qk 

Imposed load, sometimes also referred to as live load, represents the load due to the 
proposed occupancy and includes the weights of the occupants, furniture and roof loads 
including snow. Since imposed loads tend to be much more variable than dead loads they are 
more difficult to predict. 

BS 6399: Part 1: 1984: Code of Practice for Dead and Imposed Loads gives typical 
characteristic imposed floor loads for different classes of structure, e.g. residential dwellings, 
educational institutions, hospitals, and parts of the same structure, e.g. balconies, corridors and 
toilet rooms (Table 2.2). 

2.2.3 WIND LOADS 

Wind pressure can either add to the other gravitational forces acting on the structure or, 
equally well, exert suction or negative pressures on the structure. Under particular situations, 
the latter may well lead to critical conditions and must be considered in design. The characteristic 
wind loads acting on a structure can be assessed in accordance with the recommendations given 
in CP 3: Chapter V: Part 2: 1972 Wind Loads or Part 2 of BS 6399: Code of Practice for Wind Loads. 

Wind loading is important in the design of masonry panel walls (Chapter 5). However 
beyond that, wind loading is not considered further since the emphasis in this book is on the 
design of elements rather than structures, which generally involves investigating the effects of 
dead and imposed loads only. 

Table 2.1 Schedule of unit masses of building materials (based on BS 648) 
Asphalt 

 
Plaster 

 

Roofing 2 layers, 19 mm thick 42 kg m-2 Two coats gypsum, 13 mm thick 22 kg m-2 

Damp-proofing, 19 mm thick 41 kg m-2 
  

Roads and footpaths, 19 mm 
thick 

44 kg m-2 Plastics sheeting (corrugated) 4.5 kg m-2 

Bitumen roofing felts 
 

Plywood 
 

Mineral surfaced bitumen 3.5 kg m-2 per mm thick 0.7 kg m-2 

Blockwork 
Solid per 25 mm thick, stone 55 kg m-2 

Reinforced concrete 2400 kg m-3 

aggregate 
 

Rendering 
 

Aerated per 25 mm thick 15 kg m-2 Cement: sand (1:3), 13 mm thick 30 kg m-2 

Board 
 

Screeding 
 

Blockboard per 25 mm thick 12.5 kg m-2 Cement: sand (1:3), 13 mm thick 30 kg m-2 

Brickwork 
 

Slate tiles 
 

Clay, solid per 25 mm thick 55 kg m-2 (depending upon thickness 24-78 kg m-3 

medium density 
 

and source) 
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Concrete, solid per 25 mm thick 59 kg m-2 
Steel 

 

Cast stone 2250 kg m-3 Solid (mild) 7850 kg m-3 
  

Corrugated roofing sheets, 10 kg m-2 

Concrete 
Natural aggregates 2400 kg m-3 

per mm thick 
 

Lightweight aggregates 
(structural) 

1760 + 240/ Tarmacadam 
 

 
-160 kg m-3 25 mm thick 60 kg m-2 

Flagstones 
 

Terrazzo 
 

Concrete, 50 mm thick 120 kg m-2 25 mm thick 54 kg m-2 

Glass fibre 
 

Tiling, roof 
 

Slab, per 25 mm thick 2.0-5.0 kg m-2 Clay 70 kg m-2 

Gypsum panels and partitions 
 

Timber 
 

Building panels 75 mm thick 44 kg m-2 Softwood 590 kg m-3 
  

Hardwood 1250 kg m-3 

Lead 
Sheet, 2.5 mm thick 

30 kg m-2 Water 1000 kg m-3 

Linoleum 
 

Woodwool 
 

3 mm thick 6 kg m-2 Slabs, 25 mm thick 15 kg m-2 

2.2.4 LOAD COMBINATIONS AND DESIGN LOADS 

The design loads are obtained by multiplying the characteristic loads by the partial safety 
factor for loads, γf (Chapter 1). The value for γf depends on several factors including the limit state 
under consideration, i.e. ultimate or serviceability, the accuracy of predicting the load and the 
particular combination of loading which will produce the worst possible effect on the structure 
in terms of bending moments, shear forces and deflections. 

 

Table 2.2 Imposed loads for residential occupancy class 
Floor area usage Intensity of distributed load 

kN m-2 
Concentrated load 

kN 

Type 1. Self-contained dwelling units All 
1.5 1.4 

Type 2. Apartment houses, boarding houses, lodging houses, 
guest houses, hostels, residential clubs and communal areas in 

blocks of flats 
Boiler rooms, motor rooms, fan rooms and the like 7.5 4.5 

including the weight of machinery 
Communal kitchens, laundries 3.0 4.5 

Dining rooms, lounges, billiard rooms 2.0 2.7 

Toilet rooms 2.0 — 

Bedrooms, dormitories 1.5 1.8 
Corridors, hallways, stairs, landings, footbridges, etc. 3.0 4.5 

Balconies Same as rooms to which 1.5 per metre run 
 they give access but with concentrated at 
 a minimum of 3.0 the outer edge 

Cat walks — 1.0 at 1 m centres 

Type 3. Hotels and motels 
Boiler rooms, motor rooms, fan rooms and the like, 7.5 4.5 

including the weight of machinery 
Assembly areas without fixed seating, dance halls 5.0 3.6 

Bars 5.0 — 

Assembly areas with fixed seatinga 4.0 — 
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Corridors, hallways, stairs, landings, footbridges, etc. 4.0 4.5 
Kitchens, laundries 3.0 4.5 

Dining rooms, lounges, billiard rooms 2.0 2.7 
Bedrooms 2.0 1.8 

Toilet rooms 2.0 — 
Balconies Same as rooms to which 1.5 per metre run 

 they give access but with concentrated at the 
 a minimum of 4.0 outer edge 

Cat walks — 1.0 at 1 m centres 

Note. a Fixed seating is seating where its removal and the use of the space for other 
purposes are improbable.  

 
Fig. 2.3 

In most of the simple structures which will be considered in this book, the worst possible 
combination will arise due to the maximum dead and maximum imposed loads acting on the 
structure together. In such cases, the partial safety factors for dead and imposed loads are 1.4 
and 1.6 respectively (Fig. 2.3) and hence the design load is given by 

Design load = 1.4Gk + 1.6Qk 
However, it should be appreciated that theoretically the design dead loads can vary 

between the characteristic and ultimate values, i.e. 1.0Gk and 1.4Gk. Similarly, the design 
imposed loads can vary between zero and the ultimate value, i.e. 0.0Qk and 1.6Qk. Thus for a 
simply supported beam with an overhang (Fig. 2.4(a)) the load cases shown in Figs 2.4(b)-(d) will 
need to be considered in order to determine the design bending moments and shear forces in 
the beam. 

 
 

Fig. 2.4 

2.3 Design loads acting on elements 

Once the design loads acting on the structure have been estimated it is then possible to 
calculate the design loads acting on individual elements. As was pointed out at the beginning of 
this chapter, this usually requires the designer to make assumptions regarding the support 
conditions and how the loads will eventually be transmitted down to the ground. Figures 2.5(a) 
and (b) illustrate some of the more commonly assumed support conditions at the ends of beams 
and columns respectively. 
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Fig. 2.5 Typical beams and column support conditions 

In design it is common to assume that all the joints in the structure are pinned and that 
the sequence of load transfer occurs in the order: ceiling/floor loads to beams to columns to 
foundations to ground. These assumptions will considerably simplify calculations and lead to 
conservative estimates of the design loads acting on individual elements of the structure. The 
actual calculations to determine the forces acting on the elements are best illustrated by a 
number of worked examples as follows. 

2.4 Structural analysis 

The design axial loads can be used directly to size columns. Column design will be 
discussed more fully in section 2.5. However, before flexural members such as beams can be 
sized, the design bending moments and shear forces must be evaluated. Such calculations can be 
performed by a variety of methods as noted below, depending upon the complexity of the 
loading and support conditions: 

1. equilibrium equations 
2. formulae 
3. computer methods. 

Hand calculations are suitable for analysing statically determinate structures such as 
simply supported beams and slabs (section 2.4.1). For various standard load cases, formulae for 
calculating the maximum bending moments, shear forces and deflections are available which can 
be used to rapidly analyse beams, as will be discussed in section 2.4.2. Alternatively, the designer 
may resort to using various commercially available computer packages, e.g. SAND. Their use is 
not considered in this book. 

2.4.1 EQUILIBRIUM EQUATIONS 

It can be demonstrated that if a body is in equilibrium under the action of a system of 
external forces, all parts of the body must also be in equilibrium. 

This principle can be used to determine the bending moments and shear forces along a 
beam. The actual procedure simply involves making fictitious ‘cuts’ at intervals along the beam 
and applying the equilibrium equations given below to the cut portions of the beam. 

Σ moments (M) = 0 (2.1) 
Σ vertical forces (V) = 0 (2.2) 

2.4.2 FORMULAE 

An alternative method of determining the design bending moments and shear forces in 



16 
 

beams involves using the formulae quoted in Table 2.3. The table also includes formulae for 
calculating the maximum deflections for each load case. The formulae can be derived using a 
variety of methods for analysing statically indeterminate structures, e.g. slope deflection and 
virtual work, and the interested reader is referred to any standard work on this subject for 
background information. There will be many instances in practical design where the use of 
standard formulae is not convenient and equilibrium methods are preferable.  

Table 2.3 Bending moments, shear forces and deflections for various standard load cases 
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2.5 Beam design 

Having calculated the design bending moment and shear force, all that now remains to 
be done is to assess the size and strength of beam required. Generally, the ultimate limit state of 
bending will be critical for medium-span beams which are moderately loaded and shear for short-
span beams which are heavily loaded. For long-span beams the serviceability limit state of 
deflection may well be critical. Irrespective of the actual critical limit state, once a preliminary 
assessment of the size and strength of beam needed has been made, it must be checked for the 
remaining limit states that may influence its long-term integrity. 

The processes involved in such a selection will depend on whether the construction 
material behaves (i) elastically or (ii) plastically. If the material is elastic, it obeys Hooke’s law, 
that is, the stress in the material due to the applied load is directly proportional to its strain (Fig. 
2.6) where 

 

The slope of the graph of stress vs. strain (Fig. 2.6) is therefore constant, and this gradient 
is normally referred to as the elastic or Young’s modulus and is denoted by the letter E. It is given 
by 

 

Note that strain is dimensionless but that both stress and Young’s modulus are usually expressed in N mm -2. 

A material is said to be plastic if it strains without a change in stress. Plasticine and clay 
are plastic materials but so is steel beyond its yield point (Fig. 2.6). As will be seen in Chapter 3, 
reinforced concrete design also assumes that the material behaves plastically. 

The structural implications of elastic and plastic behaviour are best illustrated by 
considering how bending is resisted by the simplest of beams - a rectangular section b wide and 
d deep. 

 

Fig. 2.6 Stress-strain plot for steel. 

2.5.1 ELASTIC CRITERIA 

When any beam is subject to load it bends as shown in Fig. 2.7(a). The top half of the 
beam is put into compression and the bottom half into tension. In the middle, there is neither 
tension nor compression. This axis is normally termed the neutral axis. 

If the beam is elastic and stress and strain are directly proportional for the material, the 
variation in strain and stress from the top to middle to bottom is linear (Figs 2.7(b) and (c)). The 
maximum stress in compression and tension is σy. The average stress in compression and tension 
is σy∕2. Hence the compressive force, Fc, and tensile force, Ft, acting on the section are equal and 
are given by 
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Fig. 2.7 Strain and stress in an elastic beam. 

The tensile and compression forces are separated by a distance s whose value is equal to 
2d/3 (Fig. 2.7(a)). Together they make up a couple, or moment, which acts in the opposite sense 
to the design moment. The value of this moment of resistance, Mr, is given by 

    (2.3) 
At equilibrium, the design moment in the beam will equal the moment of resistance, i.e. 
M = Mr (2.4) 
Provided that the yield strength of the material, i.e. σy is known, equations 2.3 and 2.4 

can be used to calculate suitable dimensions for the beam needed to resist a particular design 
moment. Alternatively if b and d are known, the required material strength can be evaluated. 

Table 2.4 Second moments of area 

 

 
Equation 2.3 is more usually written as 



19 
 

y 

where Z is the elastic section modulus and is equal to bd2/6 for a rectangular beam, I is 
the moment of inertia or, more correctly, the second moment of area of the section and y the 
distance from the neutral axis (Fig. 2.7(a)). The elastic section modulus can be regarded as an 
index of the strength of the beam in bending. The second moment of area about an axis x-x in 
the plane of the section is defined by 

Ixx = ∫y2dA (2.7) 
Second moments of area of some common shapes are given in Table 2.4. 

2.5.2 PLASTIC CRITERIA 

While the above approach would be suitable for design involving the use of materials 
which have a linear elastic behaviour, materials such as reinforced concrete and steel have a 
substantial plastic performance. In practice this means that on reaching an elastic yield point the 
material continues to deform but with little or no change in maximum stress. 

Figure 2.8 shows what this means in terms of stresses in the beam. As the loading on the 
beam increases extreme fibre stresses reach the yield point, σy, and remain constant as the beam 
continues to bend. A zone of plastic yielding begins to penetrate into the interior of the beam, 
until a point is reached immediately prior to complete failure, when practically all the cross-
section has yielded plastically. The average stress at failure is σy, rather than σ∕2 as was found to 
be the case when the material was assumed to have a linear-elastic behaviour. The moment of 
resistance assuming plastic behaviour is given by 

(2.8) 
where S is the plastic section modulus and is equal to bd2/4 for rectangular beams. By 

setting the design moment equal to the moment of resistance of the beam its size and strength 
can be calculated according to plastic criteria (Example 2.6). 

 

 

Fig. 2.8 Bending failure of a beam (a) below yield (elastic); (b) at yield point (elastic); (c) beyond yield 
(partially plastic); (d) beyond yield ( fully plastic). 

2.6 Column design 

Generally, column design is relatively straightforward. The design process simply involves 
making sure that the design load does not exceed the load capacity of the column, i.e. 

Load capacity ≥ design axial load (2.9) 
Where the column is required to resist a predominantly axial load, its load capacity is 

given by 
Load capacity = design stress × area of column cross-section (2.10) 
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The design stress is related to the crushing strength of the material(s) concerned. 
However, not all columns fail in this mode. Some fail due to a combination of buckling followed 
by crushing of the material(s) (Fig. 1.3). These columns will tend to have lower load-carrying 
capacities, a fact which is taken into account by reducing the design stresses in the column. The 
design stresses are related to the slenderness ratio of the column, which is found to be a function 
of the following factors: 

1. geometric properties of the column crosssection, e.g. lateral dimension of column, 
radius of gyration; 

2. length of column; 
3. support conditions (Fig. 2.5). 

The radius of gyration, r, is a sectional property which provides a measure of the column’s 
ability to resist buckling. It is given by 

(2.11) 
Generally, the higher the slenderness ratio, the greater the tendency for buckling and 

hence the lower the load capacity of the column. Most practical reinforced concrete columns are 
designed to fail by crushing and the design equations for this medium are based on equation 2.10 
(Chapter 3). Steel columns, on the other hand, are designed to fail by a combination of buckling 
and crushing. Empirical relations have been derived to predict the design stress in steel columns 
in terms of the slenderness ratio (Chapter 4).In most real situations, however, the loads will be 
applied eccentric to the axes of the column. Columns will therefore be required to resist axial 
loads and bending moments about one or both axes. In some cases, the bending moments may 
be small and can be accounted for in design simply by reducing the allowable design stresses in 
the ma- terial(s). Where the moments are large, for instance columns along the outside edges of 
buildings, the analysis procedures become more complex and the designer may have to resort to 
the use of design charts. However, as different codes of practice treat this in different ways, the 
details will be discussed separately in the chapters which follow. 

2.7 Summary 

This chapter has presented a simple but conservative method for assessing the design 
loads acting on individual members of building structures. This assumes that all the joints in the 
structure are pinended and that the sequence of load transfer occurs in the order: ceiling/floor 
loads to beams to columns to foundations to ground. The design loads are used to calculate the 
design bending moments, shear forces, axial loads and deflections experienced by members. In 
combination with design strengths and other properties of the construction medium, the sizes of 
the structural members are determined. 

Questions 
1. For the beams shown, calculate and sketch the bending moment and shear force 

diagrams. 
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2. For the three load cases shown in Fig. 2.4, sketch the bending moment and shear 
force diagrams and hence determine the design bending moments and shear 
forces for the beam. Assume the main span is 6 m and the overhang is 2 m. The 
characteristic dead and imposed loads are respectively 20 kNm-1 and 10 kNm-1. 

1. Calculate the area and the major axis moment of inertia, elastic modulus, plastic 
modulus and the radius of gyration of the steel I-section shown below. 

3.  

2. Assuming the design strength of steel, σy, is 275 Nmm-2, calculate the moment of 
resistance of the I-section according to (i) elastic and (ii) plastic criteria. Use your 
results to determine the working and collapse loads of a beam with this cross-section, 
6 m long and simply supported at its ends. 

Assume the loading on the beam is uniformly distributed. 
3. What are the most common ways in which columns can fail? List and discuss the 

factors that influence the load carrying capacity of columns. 
4. The water tank shown in Fig. 2.9 is subjected to the following characteristic dead (Gk), 

imposed (Qk) and wind loads (Wk) respectively 
(i) 200 kN, 100 kN and 50 kN (Load case 1) 
(ii) 200 kN, 100 kN and 75 kN (Load case 2). 
Assuming the support legs are pinned at the base, determine the design axial forces in 

both legs by considering the following load combinations: 
dead plus imposed 
dead plus wind 
dead plus imposed plus wind. 
Refer to Table 3.4 for relevant load factors. 

 

Fig. 2.9 
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STRUCTURAL DESIGN TO THE EUROCODES  

3. The structural Eurocodes: An introduction 

3.1 Scope 

The Eurocodes are a family of ten European codes of practice for the design of building 
and civil engineering structures in concrete, steel, timber and masonry, amongst other materials. 
Table 3.1 lists the reference numbers and titles of the ten Eurocodes. Like the present UK codes 
of practice, Eurocodes will come in a number of parts, each containing rules relevant to the design 
of a range of structures including buildings, bridges, water retaining structures, silos and tanks. 
EN 1991 provides characteristic values of loads (termed ‘actions’ in Eurocode-speak) needed for 
design. EN 1990, the head Eurocode, is the world’s first materialindependent design code and 
provides guidance on determining the design value of actions and combination of actions, 
including partial safety factors for actions. EN 1997 covers the geotechnical aspect of foundation 
design. EN 1998 is devoted to earthquake design and provides guidance on achieving earthquake 
resistance of buildings, bridges, towers, geotechnical structures, amongst others. 

Table 3.1 The structural Eurocodes 

EuroNorm reference 
Title 

EN1990 Eurocode: Basis of design 
EN1991 Eurocode 1: Actions on structures 
EN1992 

Eurocode 2: Design of concrete structures 
EN1993 Eurocode 3: Design of steel structures 
EN1994 

Eurocode 4: Design of composite steel and concrete structures 
EN1995 Eurocode 5: Design of timber structures 
EN1996 

Eurocode 6: Design of masonry structures 

EN1997 Eurocode 7: Geotechnical design 
EN1998 

Eurocode 8: Design of structures for earthquake resistance 
EN1999 Eurocode 9: Design of aluminium structures 

Eurocodes will have the same legal standing as the national equivalent design standard 
or code of practice do eventually. Actually under UK law there is no prescribed set of acceptable 
codes, merely a list of Approved Documents. Thus in due course Eurocodes will attain this status 
when it is expected that reference to BS codes will be omitted. 

Eurocodes were published first as preliminary standards, known as ENV (Norme 
Vornorme Europeenne), beginning in 1992. Now, after several years, following comments 
received on the preliminary versions, they have been revised and reissued as full European 
standards, known as EN (Norme Europeenne), together with a National Annex which contains 
supplementary information specific to each Member State. Following a few years of co-existence, 
the EN Eurocodes will become mandatory in the sense that all conflicting standards must be 
withdrawn. In this context ‘withdrawn’ means that the codes will no longer be maintained and 
in time will become obsolete. 

3.2 Benefits of Eurocodes 

The establishment of international codes of practice for structural design is not a new 
idea. Indeed, the first draft of Eurocode 2 for concrete structures was based on the CEB (Comite 
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Europeen du Beton) Model Code of 1978 produced by a number of experts/enthusiasts from 
various European countries. Similarly Eurocode 3 was based on the 1977 Recommendations for 
Design of Steel Structures published by ECCS (European Convention for Constructional 
Steelwork), which was the work of several expert committees drawn from various countries from 
Europe and beyond. The original motivation for this work was to improve the art and science of 
structural design. However, the drive towards the political and economic unification of countries 
in the EC has broadened the aims and objectives of these documents, which no doubt has also 
influenced their final shape. 

There are several advantages to be gained from having design standards which are 
accepted by all Member States. The first and foremost reason is that the provision of Eurocodes 
and the associated European standards for construction products will help lower trade barriers 
between the Member States. This will allow contractors and consultants from all Member States 
to compete fairly for work within Europe as well as help facilitate the marketing and use of 
structural materials, components, kits and design aids/software, right across Europe. Hopefully 
this will lead to a pooling of resources and the sharing of expertise, thereby lowering production 
costs. It is further believed that their existence will boost the international standing of European 
engineers which should help in increasing their chances of winning work abroad. A further benefit 
of having Eurocodes is that they will make it easier for European engineers to practise throughout 
Europe. 

3.3 Production of Eurocodes 

Generally, each Eurocode has been drafted by a small team of experts from various 
Member States. These groups were formerly under contract to the EC Commission but in 1989 
responsibility for preparation and publication of the Eurocodes passed to CEN (Comite Europeen 
de Normalisation), the European Standards Organisation, whose members are the National 
Standards Bodies, e.g. British Standards Institute in the UK. During the ENV stage of production 
a liaison engineer from each Member State was involved in evaluating the final document and 
discussing with the drafting team the acceptability of the Eurocode in relation to the national 
code. During the conversion to EN status, 

BSI has established mirror committees for each Eurocode, through which all UK 
comments are routed. These committees consider both the technical aspects as well as the 
economic impacts of the Eurocodes and manage the task of calibrating the code. 

3.4 Format 

Fig. 3.1 shows the general layout of each Eurocode. Each consists of the full text of the 
Eurocode, including any annexes approved by CEN, which is normally preceded by a national title 
page and national foreword. The latter lists the national standard(s) having the same scope as 
the Eurocode and provides some information on the accompanying National Annex, e.g. scope, 
publisher, general date of availability. 

3.5 Problems associated with drafting the Eurocodes 

Inevitably, there were many problems faced by committee members responsible for 
drafting the Eurocodes. These centred on agreeing a common terminology acceptable to all the 
Member States, resolving differing opinions on technical issues, taking into account national 
differences in construction materials and products and design and construction practices, and 
regional differences in climatic conditions. In addition, it was also considered essential that all 
Eurocodes should be comprehensive yet concise. The following subsections outline how some of 
these issues were resolved without compromising the clarity or, indeed, simplicity of the codes. 
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3.5.1 TERMINOLOGY 

At the outset of this work it was necessary to standardise the terminology used in the 
Eurocodes. Generally, this is similar to that found in the equivalent UK national standards. 
However, there are some minor differences; for example, as previously noted, loads are now 
called actions while dead and live loads are referred to as permanent and variable actions, 
respectively. Similarly, bending moments and axial loads are now called internal moments and 
internal forces respectively. These changes were adopted to avoid problems during translation 
of the codes. They are so minor that they are unlikely to present any problems to UK engineers. 

 

Fig. 7.1 Layout of Eurocodes 

3.5.2 PRINCIPLES AND APPLICATION RULES 

In order to produce documents which are (a) concise, (b) describe the overall aims of 
design and (c) provide specific guidance as to how these aims can be achieved in practice, the 
material in the Eurocodes is divided into ‘Principles’ and ‘Application rules’. 

Principles comprise general statements, definitions, requirements and models for which 
no alternative is permitted. Principles are indicated by the letter P after the clause number. The 
Application rules are generally recognised rules which follow the statements and satisfy the 
requirements given in the Principles (Fig. 7.2). The absence of the letter P after the clause number 
indicates an Application rule. The use of alternative application rules to those recommended in 
the Eurocode is permitted provided it can be shown that the alternatives are at least equivalent 
and do not adversely affect other design requirements. It is worth noting, however, that if an 
alternative Application rule is used the resulting design will not be deemed Eurocode compliant. 

3.5.3 NATIONALLY DETERMINED PARAMETERS AND NATIONAL ANNEXES 

Possible differences in construction material/ products and design and construction 
practices, and regional differences in climatic conditions, e.g. wind and snow loading, has meant 
that some parameters, e.g. partial safety factors, allowance in design for deviation of concrete 
cover, a particular method or application rule if several are proposed in the EN, etc., may be 
determined at the national level. 
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Fig. 7.2 Example of Principle and Application Rule (Cl 2.4 Durability, EN 1990, pp. 26-27) 

Where a national choice is allowed this is indicated in a note in the normative text under 
the relevant clause. The note may include the recommended value of the parameter, or 
preferred method, etc. but the actual value, methodology, etc., to be used in a particular Member 
State will be given in an accompanying National Annex. In the UK, BSI is responsible for producing 
and publishing National Annexes. The recommended values of these parameters and design 
method/procedures are collectively referred to as Nationally Determined Parameters (NDPs). 
The NDPs determine various aspects of design but perhaps most importantly the level of safety 
of structures during execution (Eurocode terminology for construction/fabrication) and in-
service, which remains the responsibility of individual nations. The European Commission wants 
the NDPs to be harmonised so that their number is kept to a minimum. 

3.5.4 ANNEXES 

Some procedures which are not used in everyday design have been included in annexes. 
Some of the annexes are labelled ‘normative’ while others are labelled ‘informative’. The 
majority fall into the latter category. The material which appears in the ‘normative’ annexes has 
the same status as the rest of the Eurocode but appears there rather than the body of the code 
in order to make the document as ‘user friendly’ as possible. The material in the ‘informative’ 
annexes, however, does not have any status but has been included merely for information. The 
National Annex should be consulted for decisions on the use of informative annexes in a country. 

3.5.5 NON CONTRADICTORY COMPLEMENTARY INFORMATION (NCCI) 

To assist designers to use Eurocodes, the system allows the National Annex to refer to 
sources of non-contradictory complementary information (NCCI). An example of an NCCI 
relevant to concrete design is Published Document (PD) 6687. It was prepared and published by 
BSI and includes the following: 

• background to the values chosen for some of the NDPs in EN 1992 

• commentary on some specific code clauses 

• requirements, which are additional to those in the code and National Annex, to comply 
with the UK Building Regulations. 
A number of NCCIs for steel design have been produced by the Steel Construction 

Institute and will be referred to in Chapter 9 of this book. 

3.6 Decimal point 

In the Eurocodes the decimal point has been replaced by a comma. However, for 
consistency with the other chapters in this lections the use of the decimal point has been 
retained. 
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3.7 Implementation 

All the Eurocode Parts have now been published but guidance on the timing and the 
circumstances under which the Eurocodes must be used is still not available. Present indications 
would suggest that Eurocodes will be listed in the Approved Documents as a means of meeting 
the requirements of the Building Regulations by 2010. Some client organisations, e.g. the UK 
Highways Agency and the Rail Standards Authority, are keen to incorporate Eurocodes in their 
specifications as soon as possible. Nevertheless, if the experiences of those familiar with similar 
changes in design practice is anything to go by this transition will occur over a much longer time 
frame. For example it took at least ten years to introduce CP110 into the design office. Hearsay 
evidence suggests that some engineers still continue to submit calculations to BS 449 for building 
approval despite the publication of BS 5950 in 1985. 

3.8 Maintenance 

The precise mechanism by which the Eurocodes will be maintained remains unclear. All 
that can be said on this point is that under CEN rules all ENs should be reviewed every five years. 

3.9 Difference between national standards and Eurocodes 

Inevitably there are many differences between Eurocodes and the national codes. This is 
bound to cause confusion and will no doubt increase design time. The change in technical 
approval procedures are fairly minor, thanks largely to the work put in by the UK members of the 
various drafting panels. Consequently it should not take much time for engineers to become 
familiar with design procedures in the Eurocodes and subsequently to use them. The problem is 
not so much about using the design rules but finding them in the first place. Designers will now 
have to refer to a much larger number of documents in order to design the simplest of structures. 
For example to design a steel beam a designer will now have to refer to EN 1990 to determine 
the value of design loading, EN 1993-1-1 for design guidance on bending and shear, and EN 1993-
1-5 for web and stiffener design. Connection design has been separated into EN 1993-1-8. 
Currently all the design rules are available in one document: BS 5950: Part 1. Moreover the design 
rules in Eurocodes are sequenced on the basis of structural phenomena rather than type of 
element, which means that designers must have a good understanding of structural behaviour in 
order to use the code. 

Having discussed these more general aspects, the following chapters will describe the 
contents of EN 1992, EN 1993, EN 1995 and EN 1996 for, respectively, concrete, steel, timber and 
masonry design, and the significant differences between the Eurocode and the corresponding 
British Standard. Chapter 8 on concrete design to EN 1992 also includes a discussion on EN 1990 
and EN 1991.  
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4. Eurocodes 2: Design of concrete structures  

4.1 Introduction 

Eurocode 2 applies to the design of buildings and civil engineering works in concrete. It is 
based on limit state principles and comes in four parts as shown in Table 8.1. 

Part 1.1 of Eurocode 2 gives a general basis for the design of structures in plain, 
reinforced, lightweight, pre-cast and prestressed concrete. In addition, it gives some detailing 
rules which are mainly applicable to ordinary buildings. It is largely similar in scope to BS 8110 
which it will replace by about 2010. Design of building structures cannot wholly be undertaken 
using Part 1.1 of Eurocode 2, however. Reference will have to be made to a number of other 
documents, notably EN 1990 (Eurocode 0) and Eurocode 1 to determine the design values of 
actions (section 8.5), BS 4449 for mechanical properties of reinforcing steel (section 8.4.1), Part 
1.2 of Eurocode 2 for fire design (section 8.7.1), BS 8500 and EN 206 for durability design (section 
8.7.2) and Eurocode 7 for foundation design (Fig. 8.1). The main reason cited for structuring the 
information in this way is to avoid repetition and make the design guidance in Part 1.1 more 
concise than BS 8110. 

Table 4.1 Scope of Eurocode 2: Design of Concrete Structures 

 

Part 1.1 of Eurocode 2, hereafter referred to as EC 2, was issued as a preliminary standard 
or ENV in 1992 and in final form as BS EN 1992-1-1 in 2004. The following subjects are covered 
in EC 2: 

1. General 
2. Basis of design 
3. Materials 
4. Durability and cover to reinforcement 
5. Structural analysis 
6. Ultimate limit states 
7. Serviceability limit states 
8. Detailing of reinforcement and prestressing tendons - General 
9. Detailing of members and particular rules 
10. Additional rules for precast concrete elements and structures 
11. Lightweight aggregate concrete structures 
12. Plain and lightly reinforced concrete structures 
Also included are ten annexes which provide supplementary information on a range of 

topics including creep and shrinkage, reinforcing steel, durability design and analysis of flat slabs 
and shear walls. 

The purpose of this chapter is to describe the contents of EC 2 and to highlight the 
principal differences between EC 2 and BS 8110. A number of examples covering the design of 
beams, slabs, pad foundation and columns have also been included to illustrate the new design 
procedures. 
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Fig. 4.1 Eurocode 2: Part 1.1 supporting documents. 

4.2 Structure of EC 2 

Although the ultimate aim of EC 2 and BS 8110 is largely the same, namely to principally 
provide guidance on the structural use of reinforced and prestressed concrete in building 
structures, the organisation of material in the two documents is rather different. 

For example, BS 8110 contains separate chapters on the design of beams, slabs, columns, 
bases, etc. However, EC 2 divides the material on the basis of structural action, i.e. bending, 
shear, deflection, torsion, etc., which may apply to any element. Furthermore, prestressed 
concrete is not dealt with separately in EC 2 as in BS 8110, but each section on bending, shear, 
deflection, etc., contains rules relevant to the design of prestressed members. 

There is a slight departure from this principle in chapters 5 and 9 of EC 2 which give 
guidance on the analysis and detailing respectively of specific member types. 

4.3 Symbols 
The following symbols which have largely been taken from EC 2 have been used in this 

chapter. 
GEOMETRIC PROPERTIES: 

b width of section 

d effective depth of the tension reinforcement 

h overall depth of section 

x depth to neutral axis 

z lever arm 

leff effective span of beams and slabs 

ln clear distance between the faces of the supports 

a1, a2 allowance at supports used for calculating the effective span of a member 

cnom nominal cover to reinforcement 

d2 effective depth to compression reinforcement 

BENDING: 
gk, Gk characteristic permanent action 

qk, Qk characteristic variable action 

wk, Wk characteristic wind load 

z lever arm 

fck characteristic compressive cylinder strength of concrete at 28 days 

fyk characteristic yield strength of reinforcement 

fcd design compressive strength of concrete 

fyd design yield strength of reinforcement 

Fd design action 
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Fk characteristic action 

Frep representative action 

Xk characteristic strength 

Xd design strength 

γC partial factor for concrete 

γf, γF partial factor for actions 

γS partial factor for steel 

γG partial factor for permanent actions 

γQ partial factor for variable actions 

γM partial factor for material properties 

αcc a coefficient taking account of sustained compression 

C concrete strength class 

K0 coefficient given by M/fckbd2 

K0 coefficient given by MRd∕fckbd2 = 0.167 

MEd design ultimate moment 

MRd design ultimate moment of resistance 

As1 area of tension reinforcement 

As2 area of compression reinforcement 

SHEAR: 
k a coefficient relatingtosection depth 

s spacing of stirrups 

z ≈ 0.9d 

α angle of shear reinforcementto the longitudinal axis 

θ angle of the compression strut to the longitudinal axis 

ρ1 reinforcement ratio corresponding to As1 

ρw,min minimum shear reinforcement ratio 

ν1 strength reduction factor for concrete cracked in shear 

σcp average compressive stress in concrete due to axial force 

fywd design yield strength of shear reinforcement 

VEd design value of the applied shear force 

VRd,c shear resistance of member without shear reinforcement 

VRd,max maximum shear force, limited by crushing resistance of compression strut 

VRd,s shear force sustained by yielding of shear reinforcement 

Asw cross-sectional area of the shear reinforcement 

COMPRESSION: 
b width of cross-section 

h depth of cross-section 

l clear height between end restraints 

lo effective length 

k1, k2 relative flexibilities of rotational restraints at column ends 

i radius of gyration 

λlim limiting slenderness ratio forignoring second order effects 

θ inclination used to represent imperfections of the structure 

eo minimum eccentricity = h/30 but not less than 20 mm 

M01,M02 respectively the numerically lower and higher values of the first order end moments at 

ultimate limit states, i.e. (|M01| ≤ |M02 |) including allowance for imperfections 

ei eccentricity due to geometrical imperfections 

e2 deflection due to second order effects 

NEd design axial load 

n = NEd/Acfcd 

nu = 1 + ω where ω = Asfyd/(Acfcd) 

nbal = 0.4 
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M0Ed equivalent first order moment including the effect of imperfections (= M0e) 

MEd design bending moment 

Ac cross-sectional area of the concrete 

As area of longitudinal reinforcement 

4.4 Material properties 

4.4.1 CHARACTERISTIC STRENGTHS 

Concrete (Cl. 3.1, EC 2)  

Unlike BS 8110, the design rules in EC 2 are based on the characteristic (5 per cent) 
compressive cylinder strength of concrete at 28 days (fck). Equivalent cube strengths (fck,cube) are 
included in EC 2 but they are only regarded as an alternative method to prove compliance. 
Generally, the cylinder strength is approximately 0.8 × the cube strength of concrete i.e. fck ≈ 0.8 
× fck,cube. The design rules in EC 2 are valid for concrete of strength classes up to C90/105, i.e. 
cylinder strength 90 MPa and cube strength 105 MPa. However, this book only discusses the rules 
relevant to concrete strength classes up to C50/60 as these are the classes most often used in 
reinforced concrete design. 

Table 4.2 shows the actual strength classes commonly used in reinforced concrete design. 
Also included in the table are two formulae for calculating the mean tensile strength ( fctm) and 
the 5 per cent fractile tensile strength ( fctk,0.05) of concrete, which are referred to later in this 
chapter. 

Reinforcing steel (Cl. 3.2, EC 2)  

According to Annex C, the design rules in EC 2 are applicable to steel reinforcement with 
characteristic yield strength in the range 400- 600 N mm-2. Details of the actual yield strength of 
steel available in the UK for the reinforcement of concrete can be found in BS 4449: 2005. This 
document indicates that steel reinforcement will now be manufactured in three grades, all of 
500 N mm-2 characteristic yield strength, but with differing ductility (Table 8.3). Plain round bars 
of characteristic yield strength250 N mm-2 are not covered in this standard, and this will 
presumably cease to be produced in the UK. Present indication would suggest that ductility 
classes B and C will be the most widely available and specified steel in the UK. Ductility class A, in 
sizes 12 mm and below, in coil form is widely used by reinforcement fabricators for use on 
automatic link bending machines (see CARES information sheet on ‘Design, manufacture and 
supply of reinforcement steel’). 

Table 4.2 Concrete strength classes and properties (based Table 3.1, EC 2) 

 

Table 4.3 Tensile and other properties of steel for the reinforcement of concrete 
Property Ductility Class 

A B C 

Characteristic yield strength, fyk (N mm-2) 500 

Young’s modulus (kN mm-2) 200 

Characteristic strain at ultimate force, εuk (%) ≥ 2.5 ≥ 5.0 ≥ 7.5 
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8.4.2 DESIGN STRENGTHS (CL. 2.4.2.4, EC 2)  

Generally, design strengths (Xd) are obtained by dividing the characteristic strength (Xk) 
by the appropriate partial safety factor for materials (γM): 

 (4.3) 

The partial safety factors for concrete and steel reinforcement for persistent and 
transient design situations are shown in Table 8.4. Note that in EC 2 the partial safety factor for 
ultimate limit states has a single value of 1.5. This is different to BS 8110 where the partial safety 
factor is a function of the stress type under consideration (see Table 3.3, Chapter 3). 

Table 4.4 Partial safety factors for materials (based on Table 2.1N, EC 2) 
Limit state γC for concrete γS for reinforcing and prestressing steel 

Ultimate 1.5 1.15 
Serviceability 1.0 1.0 

4.5 Actions (Cl. 2.3.1, EC 2) 

Action is the Eurocode terminology for load. EC 2 defines an action (F) as a set of forces, 
deformations (e.g. differential settlement and temperature effects) or accelerations acting on 
the structure. Actions may be ‘permanent’ (G), e.g. self-weight of structure, fittings and fixed 
equipment, or ‘variable’ (Q), e.g. weight of occupants, wind and snow loads. The following 
discusses how the characteristic and design values of actions on building structures not involving 
geotechnical actions for the ultimate limit state of equilibrium and strength are assessed. Actions 
on/from structures involving geotechnical actions, e.g. retaining walls and foundations are 
assessed somewhat differently and the reader is referred to EN 1990 and Eurocode 7 for further 
details. 

4.5.1 CHARACTERISTIC ACTIONS (CL. 2.3.1.1, EC 2) 

The characteristic values of both permanent and variable actions (Fk) are specified in BS 
EN 1991: Actions on Structures (EC 1). EC 1 includes material traditionally found in documents 
such as BS 6399: Loading for buildings and BS 648: Schedule for weights of building materials, but 
its scope is far wider as it provides information on actions relevant to the design of all civil 
engineering structures, not just buildings. EC 1 is published in ten parts as listed in Table 8.5. Parts 
1-1 to 1-7 are the most relevant to the design of building structures. 

Table 4.5 Scope of Eurocode 1: Actions on Structures 
Document No Subject 

BS EN 1991-1-1 Densities, self-weight and imposed loads 
BS EN 1991-1-2 Actions on structures exposed tofire 
BS EN 1991-1-3 Snow loads 
BS EN 1991-1-4 Wind loads 
BS EN 1991-1-5 Thermal actions 
BS EN 1991-1-6 Actions during execution 
BS EN 1991-1-7 Accidental actions due to impact and explosions 
BS EN 1991-2 Traffic loads on bridges 
BS EN 1991-3 Actions induced by cranes and machinery 
BS EN 1991-4 Actions in silos and tanks 

4.5.2 DESIGN VALUES OF ACTIONS (CL. 2.4.1, EC 2 / CL. 6, EN 1990) 

In general, the design value of an action (Fd) is obtained by multiplying the representative 
value (Frep) by the appropriate partial safety factor for actions (γf): 
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 (4.4) 

Table 4.6 Partial safety factors for the ultimate limit state of equilibrium 
Limit state Load Type 

Permanent, Gk Imposed, Qk Wind, Wk 

Unfavourable Favourable Unfavourable Favourable Unfavourable 

Equilibrium 1.10 0.9 1.5 0 1.5Ψ0 

Table 4.7 Load combinations and partial safety/combination factors for the ultimate limit 
state of strength 

 
 

Tables 4.6 and 4.7 show the recommended values of partial safety factor for permanent, 
γG, and variable actions, γQ, for the ultimate limit states of equilibrium (EQU) and strength (STR). 
It can be seen that the maximum values of γG and γQ are 1.35 and 1.5 respectively. The 
comparable values in BS 8110 are 1.4 and 1.6. It can also be seen that the partial safety factors 
for actions depend on a number of other aspects including the category of limit state as well as 
the effect of the action on the design situation under consideration. For example, when checking 
for the limit states of equilibrium and strength, the maximum values of γG are 1.1 and 1.35, 
respectively. However, when checking for equilibrium alone, γG is taken to be 1.1 if the action 
increases the risk of instability (unfavourable action) or 0.9 if the action reduces the risk of 
instability (favourable action). For a given limit state several combinations of loading may have 
to be considered in order to arrive at the value of the design action on the structure (see Table 
8.7) and guidance on this aspect of design is discussed in section 8.5.3. 

In equation 8.4, Frep may be the characteristic value of a permanent or leading variable 
action (Fk), or the accompanying value (ΨFk) of a variable action. In turn, the accompanying value 
of a variable action may be the combination value (Ψ0Fk), the frequent value (Ψ1Fk) or the quasi-
permanent value (Ψ2Fk). The frequent value and the quasipermanent values are used to 
determine values of accidental actions, e.g. impact and explosions, and to check serviceability 
criteria (deflection and cracking). The combination value is given by 

Combination value = Ψ0Fk (4.5) 
where Ψ0 is the combination factor obtained from Table 8.8 and is a function of the type 

of variable action. The factor Ψ0 has been introduced to take account of the fact that where a 
structure is subject to, say, two independent variable actions, it is unlikely that both will reach 
their maximum value simultaneously. Under these circumstances, it is assumed that the ‘leading’ 
variable action (i.e. Qk,1) is at its maximum value and any ‘accompanying’ variable actions will 
attain a reduced value, i.e. Ψ0Qk,i, where i > 1. Leading and accompanying variable actions are 
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assigned by trial and error as discussed below. 

Table 4.8 Ψ0, Ψ2 values 

Variable actions Ψ0 Ψ2 

Imposed loads 
  

Dwellings 0.7 0.3 
Offices 0.7 0.3 

Shopping and congregation areas 0.7 0.6 

Storage 1.0 0.8 

Parking (vehicle weight ≤ 30 kN) 0.7 0.6 

Snow loads (where latitudes 0.5 0.0 

≤ 1000 m above sea level) 
  

Wind loads 0.5 0.0 

4.5.3 COMBINATION EXPRESSIONS 

Having determined the design values of individual actions acting on the structure it is 
necessary to consider the effect of possible combination of actions. According to EN 1990 the 
design value of action effects, Ed, assuming the structure is subjected to both permanent and a 
single variable action (e.g. dead load plus imposed load or dead load plus wind load) can be 
assessed using the following expression 

(4.6) 

where 
“+” implies ‘to be combined with’ 
∑ implies ‘the combined effect of ’ 
Using the partial safety factors given in Table 8.7, the design value of the action effect is 

given by 

 

(load combinations 1 and 2, Table 8.7) 
The design value of an action effect due to permanent and two (or more) variable actions, 

e.g. dead plus imposed and wind load, is obtained from equation 8.7. 

(4.7) 

Note that this expression yields two (or more) estimates of design actions and the most 
onerous should be selected for design. For example, if a structure is subjected to permanent, 
office and wind loads of Gk, Qk and Wk the values of the design actions are: 

 

(load combination 3(b), Table 8.7) 
and 

 

(load combination 3(c), Table 4.7) 
Equations 8.6 and 8.7 are based on expression 6.10 in EN 1990. This document also 

includes two alternative expressions, namely 6.10a and 6.10b (reproduced as equations 8.8 and 
8.9 respectively) for calculating the design values of actions, use of which may improve structural 
efficiency, particularly for heavier structural materials such as concrete. 
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Fig. 4.2 Load Set 2: (a) all spans carrying the design permanent and variable loads and (b) alternate 
spans carrying the design permanent and variable load, other spans carrying only the design permanent 

load. 

 

where 
ξ is a reduction factor for unfavourable permanent actions. The value of ξ recommended 

in the National Annex to EC 2 is 0.925. 
Note that equation 8.8 yields only one estimate of Ed (i.e. load combination 3(a) in Table 

8.7) whereas equation 8.9 yields two (i.e. load combinations 3(b) and 3(c) in Table 8.7). For UK 
building structures, designers may use the output from either equation 8.6 or 8.7 (depending on 
the number of variable actions present) or the more onerous output from equations 8.8 and 8.9. 

Use of actions determined via equations 8.6 / 8.7 should lead to designs with comparable 
levels of safety to that currently achieved using BS 8110. However, use of equations 8.8 and 8.9 
may improve structural efficiency, as illustrated in example 8.1. 

4.5.3 LOADING ARRANGEMENTS 

As discussed in section 3.6.2, design of continuous beams (and slabs) will require 
consideration of load arrangements. This term refers to the way in which variable actions should 
be positioned in order to produce the most onerous design conditions. The National Annex to EC 
2 suggests two alternative loading arrangements for continuous beams: Load Set 1 and Load Set 
2. Generally, Load Set 2 (Fig. 8.2) will be used in the UK as it is similar to existing 
recommendations in BS 8110 (i.e. all spans fully loaded and maximum and minimum design loads 
on alternate spans) and requires consideration of a fewer number of load cases. However, unlike 
BS 8110, clause 2.4.3 of EC 2 recommends that the same value of γG (either 1.0 or 1.35 whichever 
gives the most unfavourable effect) is used for all spans. 

 

Load Set 2(a) can also be used to determine the design conditions on continuous slabs 
provided the following assumptions are satisfied: 

In a one-way spanning slab the area of each bay exceeds 30 m2 (see Fig. 3.62 for definition 
of bay) 

The ratio of the characteristic variable load to the characteristic permanent load does not 
exceed 1.25 

The characteristic imposed load does not exceed 5 kNm-2, excluding partitions. 
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According to the National Annex to EC 2 when slabs are analysed using this load 
arrangement, the resulting support moments except those at the supports of cantilevers should 
be reduced by 20 per cent with a consequential increase in the span moments (Table 1 of 
National Annex to EC 2). 

 

 

4.6 Stress-strain diagrams 

4.6.1 CONCRETE (CL. 3.1.7, EC 2) 

Figure 8.3 shows the idealised (characteristic and design) stress-strain relationships for 
concrete in compression. The basic shapes of the curves, i.e. parabolic-rectangular, are similar to 
that adopted in BS 8110. The ultimate strain (εcu2) of the concrete in compression is taken as 
0.0035 in both codes but the position of the parabolic axis is fixed in EC 2 i.e. εc2 = 0.002 for fck ≤ 

50 N mm-2, whereas in BS 8110 it is a function of the compressive strength of concrete (Fig. 3.7). 

  
Fig. 8.3 Parabolic-rectangular stress-strain diagram for concrete (fck ≤ 50 N mm-2) in compression (Fig. 

3.3, EC 2). 

The design compressive strength of concrete, fcd, is defined as 

(8.10) 

where 
αcc coefficient taking account of long term effects on the compressive strength = 0.85 
γC partial safety factor for concrete = 1.5 
(Table 8.4) 
Like BS 8110, EC 2 allows the use of an equivalent rectangular stress distribution for the 

design of cross-sections as shown in Fig. 8.4. This is slightly different to the rectangular 
distribution recommended in BS 8110, as the former is based on cylinder rather than the cube 
strength of concrete. Note that for fck ≤ 50 N mm-2 the depth of compression zone is 0.8x and the 
effective strength is 0.85fck/1.5 (= 0.567fck) as η = 1 
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Fig. 8.4 Simplified stress block for concrete at the ultimate limit state (based on Fig. 3.5, EC 2). 

 

 

Fig. 8.5 Design stress strain diagram for steel reinforcement (Fig 3.8, EC 2). 

. 

4.6.2 REINFORCING STEEL 

The design steel stresses, fyd, are derived from the idealised (characteristic) stresses, fyk, 
by dividing by the partial safety factor for steel, γs: 

 (8.11) 

Figure 8.5 shows the idealised and design stressstrain curves for reinforcing steel 
recommended in EC 2. The idealised curve has an inclined top branch. But for design either an 
inclined top branch curve with a strain limit of εud (= 0.9εuk, see Table 8.3) or a horizontal top 
branch curve with no limit to the steel strain and a maximum design stress of fyk/γs can be used. 
The design equations which have been developed later in this chapter assume the stress-strain 
curve for steel has a horizontal top branch.  

4.7 Cover, fire, durability and bond (Cl 4, EC 2) 

In EC 2 the cover to reinforcement is principally a function of 
1. Fire resistance 
2. Durability 
3. Bond 

Other factors include the quality of construction control and the quality of the surface 
against which the reinforcement is cast. EC 2 requirements in relation to each of these aspects 
are discussed below. 
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4.7.1 FIRE 

As previously noted, fire design is covered in Part 1.2 of Eurocode 2 (EC 2-1-2). Exposure 
of members to high temperatures in the event of a fire can result in reduction of strength of both 
the concrete and embedded steel reinforcement, as well as spalling of the concrete cover. The 
fire resistance of concrete members is principally related to the size and shape of element as well 
as the cover to centre of reinforcing bars i.e. axis distance (see Fig. 8.6). In the case of columns it 
is also a function of the load supported.  

 

Fig. 4.6 Axis distance.Table 8.9 Minimum dimensions and axial distances to meet specified 
periods of fire resistance 

Fire 
resistance 

(min) 

Beam One-way solid slab 
Braced column (6μ fi = 0.7) - 

Method A 

Simply 
supported 

1bmin/2a (mm) 

3Continuous 
1bmin/a 

(mm) 

Simply 
supported 4hs/a 

(mm) 

3Continuous 
4hs/a (mm) 

Exposed on 
one side 

5bmin/a (mm) 

Exposed on 
more than one 
side 5bmin/a 

(mm) 
R60 

120/40 120/25 80/20 80/10 155/25 250/46 
160/35 200/12    350/40 

200/30 
     

300/25      

R90 150/55 150/35 100/30 100/15 155/25 350/53 
200/45 250/25    8450/40 

300/40      

400/35      

R120 

200/65 200/45 120/40 200/20 175/35 
8350/57 

240/60 300/35 
   8450/51 

300/55 450/35 
    

500/50 500/30     

R240 280/90 280/75 175/65 280/40 295/70 
 

350/80 500/60 
    

500/75 650/60     

700/70 700/50     

Notes: 
1bmin = beam width 
2a = axis distance 
3Applicable where specified detailing rules are observed and moment redistribution does not exceed 15%. 

Otherwise, consider as simply supported. 
4hs = depth of slab 
5bmin = column width 
6Ratio of the design axial load under fire conditions to the design resistance at normal temperature conditions 

conservatively taken as 0.7 
7Assumes (i) the effective length of the column under fire conditions l0,fi ≤ 3 m where l0,fi = 0.5 × actual length 

(l) for intermediate floors and 0.5l ≤ l0,fi ≤ 0.7l for the upper floor (ii) the first order end eccentricity under fire 

conditions, e = M0Ed,fi/ N0Ed,fi ≤ 0.15b where M0Ed,fi and N0Ed,fi are the first order end moment and axial load 

under fire conditions and (iii) As ≤ 0.04Ac 
8Minimum of 8 bars required 

 
The risk of spalling is related to the type of aggregate used in the mix, with concrete made 

of siliceous aggregate more vulnerable to this form of damage. 
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EC 2-1-2 describes a number of methods for verifying the fire resistance of concrete 
members including a method based on tabulated data which is similar to the current approach 
recommended in BS 8110. Table 8.9 shows values of minimum dimensions and associated axis 
distances for common element types, necessary to achieve specified periods of fire resistance. 
The tabulated values are valid for normal weight concrete made of siliceous aggregate. 

4.7.2 BOND AND DURABILITY 

The nominal cover to reinforcement, cnom, is obtained from the minimum cover, cmin, by 
adding an allowance for likely deviations during construction, ∆cdev i.e. 

(8.12) 

The recommended value of ∆cdev for reinforced concrete is normally taken as 10 mm but 
for concrete cast against uneven surfaces should be increased by allowing larger deviations in 
design. According to clause 4.4.1.3, the minimum cover should be taken as 40 mm for concrete 
cast on prepared ground (including blinding) and 65 mm where concrete is cast directly against 
soil. 

Table 8.10 Minimum cover to reinforcement for durability, cmin,dur 

Exposure class 1Minimum cover (mm) 

X0 Not recommended for reinforced concrete 

XC1 15 15 15 15 15 15 15 15 
XC2 - 25 25 25 25 25 25 25 
XC3/4 - 35 30 25 25 20 20 20 

XD1 - - 235 230 30 225 25 25 
XD2 - - 340 335 235 330 30 30 

XD3 - - - - 350 345 240 40 
XS1 - - - - 240 235 35 30 
XS2 - - 340 335 235 330 30 30 
XS3 - - - - - 350 245 45 

Maximum free water/cement ratio 0.70 0.65 0.60 0.55 0.5 0.45 0.40 0.35 

Minimum cement content (kgm-3) 240 260 280 300 320 340 360 380 
4Lowest concrete class C20/25 C25/30 C28/35 C32/40 C35/45 C40/50 C45/55 C50/60 

Notes: 
1Based on a design life of 50 years 

2Increase minimum cement content by 20 kgm-3 
3Increase minimum cement content by 40 kgm-3 and reduce the free water/cement ratio by 0.05 
4Concrete classes are for OPC concrete 
 

The minimum cover to reinforcement is given by the following expression 

(8.13) 

where 
cmin,dur is the minimum cover for durability  
cmin,b is the minimum cover for bond 
From equation 4.13 it can be seen that the minimum cover should not be less than 10 

mm. In clause 4.4.1.2(3) it is further recommended that in order to transmit bond forces safely 
and to ensure adequate compaction of the concrete, the minimum cover should not be less than 
cmin,b where 

cmin,b = diameter of bar, φ, provided the nominal maximum aggregate size, dg ≤ 32 mm 
The route to estimating cmin,dur is more complex and, like BS 8110, principally depends on 
1. Environmental conditions 
2. Concrete quality 



39 
 

With regard to environmental conditions, EC 2 defines six major exposure classes and 
eighteen sub-classes to which a structure could be subject during its design life. They are identical 
to those used in BS 8110 (see Table 3.5) and may occur singly or in combination. As with BS 8110, 
the designer must turn to EN 206: Concrete - Performance, Production, Placing and Compliance 
Criteria and the complementary British Standard BS 8500: Part 1: Method of specifying and 
guidance for the specifier in order to determine the minimum concrete quality and minimum 
cover to reinforcement necessary to achieve the design life of the structure. Table 8.10 which is 
based on advice in these documents gives for particular exposure classes a summary of the 
minimum concrete quality (in terms of maximum water/cement ratio and minimum cement 
content) and minimum covers to reinforcement necessary to achieve a design life of 50 years for 
OPC concrete. If blended mixes are used it is possible to reduce the depth of concrete cover 
and/or the quality of the concrete indicated in Table 8.10 as discussed in section 3.8.1 of this 
book. 

Finally it is worth noting that in clause 7.3.1 of EC 2 it is also suggested that the presence 
of cracks can impair concrete durability and, like BS 8110, recommends that the maximum 
surface crack width should not generally exceed 0.3 mm in reinforced concrete members. This 
limiting crack width is achieved in practice by (a) providing a minimum area of reinforcement and 
(b) limiting either the maximum bar spacing or the maximum bar diameter. These requirements 
are discussed individually for beams, slabs and columns in sections 8.8.4, 8.9.2 and 8.11.6, 
respectively. 

4.8 Design of singly and doubly reinforced rectangular beams 

4.8.1 BENDING (CL. 6.1, EC 2) 

When determining the ultimate moment of resistance of concrete cross-sections, Cl. 6.1 
of EC 2 recommends that the following assumptions are made: 

1. plane sections remain plane 
2. the strain in bonded reinforcement is the same as that in the surrounding concrete 
3. the tensile strength of concrete is ignored 
4. the compressive stresses in the concrete are derived from the parabolic-rectangular 

stressstrain relationship shown in Fig. 4.3 or other simplified stress-strain relationships, 
provided they are effectively equivalent to Fig. 4.3, e.g. the rectangular stress distribution 
shown in Fig. 4.4. 

5. the stresses in the reinforcement are derived from Fig. 4.5. 
6. the compressive strain in the concrete should not exceed 0.0035. 

These assumptions are similar to those listed in Cl. 3.4.4.1 of BS 8110 with the possible 
omission of the 0.95d limit on the lever arm i.e. z ≤ 0.95d. However, if this condition is observed, 
the steel strain does not exceed 2.5 per cent which means that all classes of reinforcement are 
suitable (Table 4.3), provided moment redistribution does not exceed 20 per cent. 

Fig. 4.7 shows the simplified stress blocks which are used in BS 8110 and EC 2 to develop 
the design equations for bending. As previously noted, in EC 2 the maximum concrete 
compressive stress is taken as 0.85fck/1.5 and the depth of the compression block is taken as 0.8x 
for fck ≤ 50 N mm-2, where x is the depth of the neutral axis. The corresponding values in BS 8110 
are 0.67fcu/1.5 and 0.9x as shown in Fig. 4.7(c). 

The following sub-sections derive the equations relevant to the design of singly and 
doubly reinforced beams according to EC 2. The corresponding equations in BS 8110 were 
derived in section 3.9.1.1 to which the reader should refer for detailed explanations and the 
notation used. 
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4.8.1.1 Singly reinforced beam design 

(i) Ultimate moment of resistance (MRd) 
 (4.14) 
 
(4.15) 
 
(4.16) 
 

Cl. 5.6.3 of EC 2 limits the depth of the neutral axis (x) to 0.45d for concrete strength 
classes less than or equal to C50/60 (and 0.35d for concrete classes C55/67 and greater) in order 
to provide a ductile, i.e. under reinforced, section. Thus 

x = 0.45d (4.17) 

Note that the corresponding value for x in BS 8110 is 0.5d. 

 

Fig. 4.7 Singly reinforced section with rectangular stress block (a) Section (b) Strains (c) Stress Block (BS 
8110) (d) Stress Block (EC 2) 

Combining equations (4.14), (4.15), (4.16) and (4.17) gives 

 

(ii) Area of tensile steel (As1) 

 

 
Equation 4.21 can be used to calculate the area of tension reinforcement provided that 

the design ultimate moment, MEd ≤ MRd. 
(iii) Lever arm (z) 

 

Solving for z gives 

 

where  
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4.8.1.2 Doubly reinforced beams 

If the design ultimate moment is greater than the ultimate moment of resistance i.e. MEd 
> MRd, then compression reinforcement is required. Provided that 

d2/x ≤ 0.38 (i.e. compression steel has yielded) where 
d2 is the depth of the compression steel from the compression face and 

 

the area of compression reinforcement, As2, is given by: 

 

(4.23) 

and the area of tension reinforcement, As1, is given by: 

 

(4.24) 

where  

 
Equations 4.23 and 4.24 have been derived using the stress block shown in Fig. 8.8. This 

is similar to that used to derive the equations for the design of singly reinforced beams (Fig. 8.6d) 
except for the additional force due to the steel in the compression face. 

 

Fig. 8.8 Doubly reinforced section (a) Section (b) Strains (c) Stress Block (EC 2). 
 
 

 

 

 

 

4.8.2 SHEAR (CL. 6.2, EC 2) 

EC 2 uses the so called variable strut inclination method for shear design. It is slightly more 
complex than the procedure in BS 8110 but can result in savings in the amount of shear 
reinforcement required. Like BS 8110, EC 2 models shear behaviour on the truss analogy in which 
the concrete acts as the diagonal struts (shown in broken line and labelled DC in Fig. 8.9), the 
stirrups act as the vertical ties, VT, the tension reinforcement forms the bottom chord, BT and the 
compression steel/ concrete forms the top chord, TC. Whereas in BS 8110 the strut angle, θ, has 
a fixed value of 45° in EC 2 it can vary between 21.8° and 45° and it is this feature which is 
responsible for possible reductions in the volume of shear reinforcement as illustrated in Fig. 
8.10. Here it can be seen that for a given design shear strength, V, EC 2 generally requires fewer 
links than BS 8110. 

It is worth noting, however, that using a reduced value of strut angle also results in a 
concomitant increase in tensile force in the bottom chord (BT) which necessitates that 
longitudinal reinforcement extends further in the span than required for bending alone. Thus, 
any potential savings in the volume of shear reinforcement has to be offset against increases in 
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the volume of longitudinal reinforcement. Other major differences in design procedure are: 
1. EC 2 compares shear forces rather than shear stresses. 
2. The maximum shear capacity of concrete is not a fixed value (i.e. the lesser of 0.8 ,f^ or 5 

N mm-2 as in BS 8110) but depends on the applied shear. 
3. Where the applied shear exceeds the shear resistance of the concrete, the shear 

reinforcement should be capable of resisting all the shear acting on the section. 
 

 

Fig. 8.9 (a) Beam and reinforcement (b) analogous truss. 

 

Fig. 8.10 Influence of links on shear strength. 

 

EC 2 identifies four basic shear forces for design purposes, namely VEd, VRd,c, VRd,max and VRd,s. VEd is 
the design shear force and is a function of the applied loading. It is normally determined at a 
distance, d, from the face of supports (Fig. 4.11). 

 

Fig. 8.11 
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VRd,c is the design shear resistance of the member without shear reinforcement and is 
given by: 

 (8.25) 
where 

 

in which 
Asl is the area of the tensile reinforcement, 
which extends ≥ (lbd + d) beyond the section considered 
bw is the smallest width of the cross-section in 
the tensile area 
νmin = 0.035k3/2fc

1
k
/2 

k1 = 0.15 
σcp = NEd/Ac < 0.2fcd 
in which 
NEd is the axial force in the cross-section 
Ac is the cross-sectional area of concrete 
Expression 4.25 is empirical. 
If VEd < VRd,c no shear reinforcement is required except, possibly, in beams where it is 

normal to provide a minimum amount of shear links. However, if VEd > VRd,c shear failure may 
occur as a result of either compressive failure of the diagonal concrete strut or diagonal tension 
failure of the member (Fig. 3.21). 

The concrete strut capacity, VRd,max, is given by: 

 (4.26) 
where 

 

(Note: αcc = 1.0 may be used here.) 
 

θ is the angle between the concrete strut and the axis of the beam (Fig. 8.9) 
According to EC 2, the strut angle (and hence the strut capacity) is not unique but can vary 

between cot θ = 2.5 (i.e. 21.8°) and cot θ = 1 (i.e. 45°), depending on the value of the applied 
shear. Using the identity 

 

expression 8.26 can be transposed to make the concrete strut angle the subject of the 
formula as follows 

 

 (4.27) 
Expression 8.27 can be used to calculate the minimum strut angle for a given value of 

applied shear by equating VRd,max = VEd subject to the condition that cot θ lies between 1.0 and 
2.5. 

As noted above, if VEd > VRd,c shear reinforcement must be provided. Provided VEd ≤ VRd,max, 
the area of shear reinforcement can be estimated from the following expression by equating VEd 
= VRd,s 
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where 
VRd,s is the shear resistance of the member governed by ‘failure’ of the stirrups 
Asw is the cross-sectional area of the shear reinforcement 
s is the spacing of shear reinforcement (see 8.8.2.2) 
fywd is the design yield strength of the shear reinforcement. 
Expressions 4.26 and 4.28 are not empirical but can be derived via the analogous truss, 

as follows. Consider a reinforced concrete beam with stirrups uniformly spaced at a distance s, 
subject to a design shear force VEd as shown in Fig. 8.12. The resulting strut angle is θ. Assuming 
the height of the analogous truss is z, the number of links per strut is equal to z cot θ/s and, hence, 
the shear resistance of the member, controlled by yielding of the shear reinforcement (i.e. 
leading to ‘failure’ of VT), VRd,s, is given by 

 

 

 

Fig. 4.12 

 

From Fig. 4.13 it can be seen that the concrete struts are bw wide and (z cos θ) deep. 
Hence, the compressive capacity of each strut, DC, is given by 

 
Shear failure of the strut will not occur provided DC equals or exceeds the design shear 

force acting on the strut equal to V/sin θ (Fig. 4.14), i.e. 

 
 

 

Fig. 8.14 
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Hence the shear resistance of the member controlled by crushing of compression struts, 
VRd,max, is given by 

 

Using the identity cos2θ + sin2θ = 1 gives 

 
Dividing top and bottom by cos θ sin θ and simplifying gives 

 
From Fig. 8.14 it can be seen that for equilibrium a tensile force of V/tan θ also acts on 

the section. Assuming that half of this force acts in the bottom chord, the additional tensile force 
present in the longitudinal reinforcement, ∆ Ftd, is given by 

(4.29) 

The presence of this additional longitudinal force is responsible for the shift rule discussed 
in section 4.8.4.4, necessitating that longitudinal tension steel extend further in the span than 
required for bending alone. Also since the tensile force in the longitudinal steel due to bending 
is MEd/z, the total force in the tension reinforcement, Fs, is given by 

 

Fig. 4.13 
 

 
 

 
Its value should not exceed MEd,max where MEd,max is the maximum moment within the 

hogging or sagging region that contains the section considered. 
The design process can be summarised as follows: 

1. Calculate the design shear force, VEd. 
2. Determine the design shear resistance of the member without shear reinforcement, VRd,c. 
3. If VEd < VRd,c shear reinforcement can be omitted except in beams where a minimum area 

of shear reinforcement must be provided (see 4.8.2.1). 
4. If VEd > VRd,c all the shear force must be resisted by the shear reinforcement. Provided VEd 

< VRd,max, the area of shear reinforcement can be determined using expression 4.28. VRd,max 
is estimated from (4.26) assuming initially cot θ = 2.5. However, if the result is VEd > VRd,max 

a larger strut angle, θ, may be used. The maximum allowable value of θ is 45° (i.e. cot θ = 

1). The minimum value of the strut angle for a given design shear force, VEd, can be 
determined from (4.27) and used, in turn, to calculate the area of shear reinforcement 
from (4.28). 
 

5. If the strut angle exceeds 45°, however, a deeper concrete section or higher concrete 
strength must be provided and steps (2)-(4) repeated. 

4.8.2.1 Shear reinforcement areas (ρw) (Cl. 9.2.2, EC 2) 

As noted above, minimum reinforcement should be provided in beams where VEd < VRd,c. 
The minimum shear reinforcement ratio, ρw, is obtained from 
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where 
Asw is the area of shear reinforcement within 
length s 
s is the spacing of the shear reinforcement 
bw is the breadth of the member 
α= 90° for vertical stirrups ⇒ sin α = 1 ρw,min is the minimum area of shear reinforcement 

, = (0.08 √fck)/fyk (4.31) 

4.8.2.2 Spacing of shear reinforcement (Cl. 9.2.2, EC 2) 

EC 2 recommends that the maximum longitudinal spacing of shear reinforcement (sl,max) 
should not exceed 0.75d(1 + cot α) 

where 
α= 90° for vertical stirrups ⇒ cot α = 0 

4.8.3 DEFLECTION 

Crack and deflection control are the two main serviceability checks required by EC 2. EC 
2 also includes a check on the stress in the concrete and steel reinforcement under specified 
loadings but past performance of concrete structures would seem to suggest that this check is 
almost certainly unnecessary in the UK and is therefore not discussed. 

Like BS 8110, EC 2 recommends that surface crack widths should not generally exceed 0.3 
mm in order to avoid poor durability. As previously mentioned, this is normally achieved by 
observing the rules on minimum steel areas and either the maximum bar spacing or the 
maximum bar diameter. The rules for beams are presented in section 4.8.4. 

EC 2 requirements for deflection control appear to be less onerous than those in BS 8110, 
namely 

1. the calculated sag of a beam, slab or cantilever under quasi-permanent loading should 
not exceed span/250. 

2. the deflection occurring after construction of the element should not exceed span/500. 
It is true that the creep component of deflection is related to quasi-permanent loads and 

if appearance is the only criterion it would be reasonable to base the deflection check on this 
load combination. However, if function, including possible damage to finishes, cladding and 
partitions is of concern, then the use of characteristic load would seem more appropriate. 

Although it is possible to estimate actual deflections of concrete elements in order to 
check compliance it is more practical to use limiting span/ depth ratios as in BS 8110. Table 8.11 
shows basic span/depth ratio for commonly occurring reinforced concrete members and support 
conditions. They have been obtained using equations 4.32 and 4.33. 

 

where 
l/d is the limiting span/depth ratio 
K is the factor to take into account the 
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different structural systems, given in Table 4.11 

 

ρ is the required tension reinforcement ratio ρ' is the required compression reinforcement 
ratio 
The values in Table 8.11 assume the steel stress at the critical section, σs, is 310 N mm-2, 

corresponding roughly to the stress under characteristic load when fyk = 500 N mm-2. Where other 
steel stresses are used, the values in the table can be multiplied by 310∕σs. It will normally be 
conservative to assume that 

 

(4.34) 

where 
As,req is the area of steel required  
As,prov is the area of steels provided 
For flanged sections where the ratio of the flange breadth to the rib width, beff/bw, 

exceeds 3, the values in the table should be multiplied by 0.8. Linear interpolation may be used 
to estimate values of l/d for intermediate values of beff/bw. For beams and slabs, other than flat 
slabs (see Fig. 3.52), where span lengths exceed 7 m, the values of l/d should be multiplied by 
7/leff. 

where 
leff effective span of the member = ln + a1 + a2 (Cl. 5.3.2.2) 
in which 
ln is the clear distance between the faces of 
supports 
a1,a2 are the distances at each end of the span 
shown in Fig. 8.16 

Table 8.11 Basic span/depth ratios for reinforced concrete members 
Structural system K 

Highly stressed concrete ρ = 

1.5% 
Lightly stressed concrete ρ 

= 0.5% 

Simply supported beams and slabs 1.0 14 20 
End span of continuous beams and slabs 1.3 18 26 
Interior spans of continuous beams and slabs 1.5 20 30 
Cantilever beams and slabs 0.4 6 8 
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Fig. 8.16 Definition of a1 and a2 (a) Non-continuous member (b) Continuous member (based on Fig. 5.4, 
EC 2). 

4.8.4 REINFORCEMENT DETAILS FOR BEAMS  

This section outlines EC 2 requirements regarding the detailing of beams with respect to: 
1. reinforcement percentages 
2. spacing of reinforcing bars 
3. anchorage lengths 
4. curtailment of reinforcement 
5. lap lengths. 

4.8.4.1 Reinforcement percentages (Cl. 9.2.1.1, EC 2) 

The cross-sectional area of the longitudinal tensile reinforcement, As1, in beams should 
not be less than the following: 

 
where 
bt is the breadth of section 
d effective depth 
fctm mean tensile strength of concrete 
(see Table 4.2) 
fyk characteristic yield stress of reinforcement 
(= 500 N mm-2) 
The area of the tension, As1, and of the compression reinforcement, A s2, should not be 

greater than the following other than at laps: 

 

where 
A c is the cross-sectional area of concrete. 

4.8.4.2 Spacing of reinforcement (Cl. 8.2, EC 2)  

The clear horizontal or vertical distance between reinforcing bars should not be less than 
the following: 

a) maximum bar diameter 
b) maximum aggregate size, dg + 5 mm 
c) 20 mm 

To ensure that the maximum crack width does not exceed 0.3 mm EC 2 recommends that 
the minimum reinforcement necessary to control cracking should be provided and either the 
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maximum bar spacing or the maximum bar diameter should not exceed the values shown in Table 
8.12. The steel stress, σs, can conservatively be estimated using equation 4.35. 

 

(4.35) 
where 
fyk = 500 N mm-2 
γs = 1.15 
m quasi-permanent load (= gk + Ψ2qk) n design ultimate load (= γGgk + γQqk) As,req area of 

steel required 
As,prov area of steel provided 
Table 4.12 Maximum bar spacing and bar diameter for crack control (based on Table 7.2N 

and 7.3N, EC 2) 
 

8.8.4.3 Anchorage (Cl. 8.4.3, EC 2) 

EC 2 distinguishes between basic and design anchorage lengths. The basic anchorage 
length, lb,rqd, is the length of bar required to resist the maximum force in the reinforcement, As.σsd. 
Assuming a constant bond stress of fbd the basic anchorage length of a straight bar is given by: 

 (8.36) 
where 
φ diameter of bar to be anchored 
σsd design stress of the bar at the position from where the anchorage is measured 
fbd ultimate bond stress = 2.25η1η2 fctd (4.37) 
where 
η1 coefficient related to the quality of the bond 
between the concrete and steel. EC 2 states that bond conditions are considered to be 

good for: 
all bars in members with an overall depth (h) of less than or equal to 250 mm (Fig. 4.17a) 
all bars located within the lower 
250 mm depth in members with an overall depth exceeding 250 mm (Fig. 4.17b) 
all bars located at a depth greater than or equal to 300 mm in members with an overall 

depth exceeding 600 mm (Fig. 4.17c). 
η1 = 1.0 when good bond exists and 0.7 for all 
other conditions 
η2 is related to bar diameter and is 1.0 for 
φ ≤ 32 mm and (132 - φ)/100 for φ > 32 mm fctd is the design value of the concrete tensile 
strength = αaf^.os/Yc in which 
αct = 1.0 
fctk,0.05 is the 5% fractile characteristic axial 
tensile strength of concrete (see Table 4.2) 

Steel Stress (N mm-
2) Maximum bar spacing 

(mm) wk = 0.3 mm 
Maximum bar size (mm) φ wk = 

0.3 mm 

160 300 32 
200 250 25 
240 200 16 
280 150 12 
320 100 10 
360 50 8 

Note: The values in the table assume cnom = 25 mm and fck = 30 N mm-
2 
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Table 8.13 shows values of the ultimate bond stress for a range of concrete strengths 
assuming good bond conditions and φ ≤ 32 mm. When bond conditions are poor the values in the 
table should be multiplied by 0.7. 

 

Fig. 8.17 Definition of bond conditions (Fig. 8.2, EC 2). 

Table 8.13 Ultimate bond stress, fbd (N mm-2), assuming good bond conditions 

fck (N mm-2) 12 16 20 25 30 35 40 45 50 

fbd where φ ≤ 32 mm 1.65 2.00 2.32 2.69 3.04 3.37 3.68 3.98 4.35 

 

The design anchorage length, lbd, is used to determine the curtailment of longitudinal 
reinforcement in beams as discussed in section 8.8.4.4 and is given by: 

lbd = α1α2α3α4α5lb,rqd ≥ lb,min (4.38) 
where 
α1-α5 are coefficients which take account of, respectively, shape of bar, concrete 

cover/spacing between bars, transverse reinforcement not welded to the main reinforcement, 
transverse reinforcement welded to the main reinforcement and pressure transverse to the 
reinforcement. The product of α1-α5 can conservatively be taken as 1. 

lb,min minimum anchorage length given by: 
lb,min = maximum of {0.3.lb,rqd; 10φ; 
100 mm} (for anchorages in tension) lb,min = maximum of {0.6.lb,rqd; 10φ; 
100 mm} (for anchorages in compression) 
As a simplification for the shapes shown in Fig. 4.18(b) to (d) an equivalent anchorage 

length, lb,eq, may be used where lb,eq is given by 
lb,eq = α1lb,rqd (4.39) 

in which 
α1 = 1.0 for straight and curved bars in compression 
= 1.0 for straight bars in tension 
= 0.7 for curved bars in tension if cd > 3.0φ where 
cd is as shown in Fig. 4.19 for straight and curved bars 
φ is the diameter of the bar to be anchored 
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Fig. 4.18 Common methods of anchorage. Equivalent anchorage lengths for bends, hooks and loops 
(based on Fig. 8.1, EC 2) 

 

Fig. 8.19 Values of cd for beams and slabs (a) straight bars (b) bent or hooked bars (based on Fig. 8.3, EC 
2). 

Table 4.14 shows the design anchorage lengths for straight and curved bars as multiples 
of bar diameters for high yield bars (fyk = 500 N mm-2) embedded in a range of concrete strengths. 
Note that the values in the table apply to good bond conditions and to bar sizes less than or equal 
to 32 mm. Where bond conditions are poor the values in the table should be divided by 0.7 and 
where the bar diameter exceeds 32 mm the values should be divided by [(132 - φ)/100]. The 
minimum radii to which reinforcement may be bent is shown in Table 4.15 whilst the anchorage 
lengths for straights, hooks, bends and loops are shown in figure 4.18. 

Table 8.14 Design anchorage lengths, lbd, as multiples of bar diameters assuming φ ≤ 32 mm 
and good bond conditions for a range of concrete strengths 

Steel Grade Concrete Class 

C20/25 C25/30 C30/37 C35/45 C40/50 C45/55 C50/60 

Deformed bars 
type 2 

fyk = 500 N mm-2 

Straight bars in tension or 
compression 

47 41 36 33 30 28 25 

Curved bars in tension* 33 29 25 23 21 20 18 
Curved bars in 
compression 

47 41 36 33 30 28 25 

*In the anchorage region, cd > 3φ 

Table 8.15 Minimum diameter of bends, hooks and loops (Table 8.1N, EC 2) 

Bar diameter Minimum mandrel diameter 

φ ≤ 16 mm 4φ 
φ > 16 mm 7φ 

8.8.4.4 Curtailment of bars (Cl. 9.2.1.3, EC 2)  

The curtailment length of bars in beams is obtained from Fig. 8.20. The theoretical cut-
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off point is based on the design bending moment curve which has been horizontally displaced by 
an amount al in the direction of decreasing bending moment, a consequence of the additional 
longitudinal force in the tension steel due to the applied shear force. This is sometimes referred 
to as the ‘shift rule’. It is also necessary to ensure that the bar extends an anchorage length 
beyond the point where it is fully required for bending and shear. Thus in relation to the bending 
moment envelope, bar should extend (a1 + lbd) beyond the point where fully required and a1 
beyond the point where no longer required. 

If the shear resistance is calculated according to the ‘variable strut inclination method’ 
the shift, al, is given by: 

(4.40) 

where 
θ is the angle of the concrete strut to the longitudinal axis 
α is the angle of the shear reinforcement to the longitudinal axis. 
z ≈ 0.9d 

 
 

Fig. 8.20 Envelope line for curtailment of reinforcement in flexural members (based on Fig. 9.2, EC 2). 

For members with vertical links al will be equal to: 

 

Since, in practice, the strut angle often takes the value cot θ = 2.5 the shift, a1, is given by 

 

EC 2 also recommends the following rules for the curtailment of reinforcement in beams 
subjected to predominantly uniformly distributed loads. 

(i) Top reinforcement at end supports. In monolithic construction, even where simple 
supports have been assumed in design, the section at supports should be designed for a bending 
moment arising from partial fixity of at least 25 per cent of the maximum bending moment in the 
span. 

(ii) Bottom reinforcement at end supports. When there is little or no fixity at end 
supports, at least 25 per cent of the reinforcement provided at mid-span should be taken into 
the support and anchored as shown in Fig. 8.21. The tensile force to be anchored, FE, is given by: 

(4.41) 

where 
VEd is the shear force at the end support a1 is obtained from equation 8.40 
NEd is the axial force in the member 
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Fig. 4.21 Curtailments and anchorages of bottom reinforcement at end supports (based on Fig. 9.3, EC 
2). 

(iii) Bottom reinforcement at intermediate supports. At least 25 per cent of the 
reinforcement required at mid-span should extend to intermediate supports. The anchorage 
length should not be less than 10φ for straight bars. 

The reinforcement required to resist possible positive moments due to, for example, 
accidental actions such as explosions and collisions, should be continuous which may be achieved 
by means of lapped bars as shown in Fig 4.22a or 4.22b. 

Fig. 4.23 shows the simplified rules for curtailment of reinforcement in simply supported 
and continuous beams recommended in The Concrete Centre publication ‘How to design 
concrete structures using Eurocode 2’. 

8.8.4.5 Lap lengths (Cl. 8.7.3, EC 2)  

Lap length, lo, is given by: 

 (4.42) 
  

 

Fig. 4.22 Anchorage at intermediate supports (Fig. 9.4, EC 2). 
 

 

Fig. 4.23 Simplified detailing rules for beams (a) simple end supports (b) internal supports of continuous 
beams. 

where 
lb,rqd anchorage length 
lo,min minimum lap length which should be not 
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less than 15φ or 200 mm 
α1-α5 are as for equation 8.38 
α6 = (ρ1/25)0.5: 1.0 ≤ α6 ≤ 1.5 (Table 4.15) 
in which 
ρ1 percentage of reinforcement lapped within 0.65lo from the centre of the lap length 

considered 
Table 4.16 shows the compression and tension lap lengths as multiples of bar size for 

grade 500 bars (fyk = 500 N mm-2) embedded in a range of concrete strengths. Note that the values 
in the table apply to good bond conditions and to bar sizes less than or equal to 32 mm. Where 
the bond conditions are poor the values in the table should be divided by 0.7 and where the bar 
diameter exceeds 32 mm the values should be divided by [(132 - φ)/100]. 

Table 4.16 Lap lengths as multiples of bar size for grade 500 (fyk = 500 N mm-2) deformed bars 
 % of lapped bars relative to 

the total x-section area, ρ1 
α6 Concrete class 

C20/25 C25/30 C30/37 C35/45 C40/45 

Compression < 25% 1 47 41 36 33 30 
& tension laps 33% 1.15 54 48 42 38 35 

 50% 1.4 66 58 51 47 42 

 > 50% 1.5 71 62 54 50 45 

4.9 Design of one-way solid slabs 

4.9.1 DEPTH, BENDING, SHEAR 

EC 2 requires a slightly different approach to BS 8110 for designing one-way spanning 
solid slabs. To calculate the depth of the slab, the designer must first estimate the percentage of 
steel required in the slab for bending. Generally, most slabs will be lightly reinforced, i.e. ρ < 0.5%. 
The percentage of reinforcement can be used, together with the support conditions, to calculate 
an appropriate span/ depth ratio using equations 8.32 and 8.33. The effective depth of the slab 
is obtained by multiplying this ratio by the span (see Example 8.10). The actual area of steel 
required in the slab for bending is calculated using the equations developed in section 8.8.1. 
Provided this agrees with the assumed value, the calculated depth of the slab is acceptable. 

The designer will also need to check that the slab will not fail in shear. The shear resistance 
of the slab can be calculated as for beams (see section 8.8.2). According to Cl. 6.2.1(3), where the 
design shear force (VEd) is less than the design shear resistance of the concrete alone (VRd,c) no 
shear reinforcement is necessary. The same requirement appears in BS 8110. 

Where VEd > VRd,c, all the shear force must be resisted by the shear reinforcement. The 
actual area of shear reinforcement in slabs can be calculated as for beams (section 8.8.2). This 
should not be less than the minimum value, ρw,min, given by 

 
For members with vertical shear reinforcement, the maximum longitudinal spacing of 

successive series of shear links, smax, should not exceed 

 
Moreover, the maximum transverse spacing of link reinforcement should not exceed 

1.5d. Cl. 9.3.2(1) also notes that shear reinforcement should not be provided in slabs less than 
200 mm deep. 

4.9.2 REINFORCEMENT DETAILS FOR SOLID SLABS 

This section outlines EC 2 requirements regarding the detailing of slabs with respect to: 
1. reinforcement percentages 
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2. spacing of reinforcement 
3. anchorage and curtailment of reinforcement 
4. crack control 

4.9.2.1 Reinforcement areas (Cl. 5.4.2.1.1, EC 2) 

In EC 2, the maximum and minimum percentages of longitudinal steel permitted in beams 
and slabs are the same, namely: 

 

where 
b breadth of section 
d effective depth 
Ac cross-sectional area of concrete (bh) 
fyk characteristic yield stress of reinforcement the adjacent span as shown in Fig. 8.25 and 

be anchored. At an end support the moment to be resisted may be reduced to 15 per cent of the 
maximum moment in the adjacent span. 

The Concrete Centre publication ‘How to design concrete structures using Eurocode 2’ 
recommends that the simplified curtailment rules for continuous slabs shown in Fig. 8.26 should 
be used. 

The area of transverse or secondary reinforcement should not generally be less than 20 
per cent of the principal reinforcement, i.e.: 

 

4.9.2.2 Spacing of reinforcement 

The clear distance between reinforcing bar should not be less than the following: 
a) maximum bar diameter 
b) 20 mm 
c) dg + 5 mm where dg is the maximum aggregate size. 

The maximum bar spacing in slabs, smax, for the main reinforcement should not exceed 
the following: 

smax = 3h ≤ 400 mm generally and 2h ≤ 250 mm in areas of maximum moment 
where h denotes the overall depth of the slab. 
The maximum bar spacing in slabs, smax, for the secondary reinforcement should not 

exceed the following: 
smax = 3.5h ≤ 450 mm generally and 
3h ≤ 400 mm in areas of maximum moment 

4.9.2.3 Anchorage and curtailment (Cl 9.2.1.3 & 9.3.1.2)  

For detailing the main reinforcement in slabs, similar provisions to those outlined earlier 
for beams apply. 

Cl. 9.3.1.2 recommends that where end supports are simply supported, 50 per cent of the 
calculated span reinforcement should continue up to the support and be anchored to resist a 
force, FE, given by 

 
where |VEd|, z and NEd are as defined for equation 8.41 and a1 is equal to d if the slab is not 

reinforced for shear or is given by equation 8.40 if shear reinforcement is provided. 
If partial fixity exists along an edge of a slab top reinforcement should be provided capable 
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of resisting at least 25 per cent of the maximum moment in the adjacent span. This reinforcement 
should extend at least 0.2 times the length of 

 

Fig. 8.25 

 

Fig. 8.26 Simplified curtailment rules for slabs (a) simple support (b) continuous member.Eurocodes 2: 

Design of concrete structures 

4.9.2.4 Crack widths (Cl. 7.3.3, EC 2) 

According to EC 2, where the overall depth of the slab does not exceed 200 mm and the 
code provisions with regard to reinforcement areas, spacing of reinforcement, anchorage and 
curtailment of bars, etc., discussed above have been applied, no further measures specifically to 
control cracking are necessary. 

Furthermore, where at least the minimum reinforcement area has been provided, the 
limitation of crack width to less than 0.3 mm for reinforced concrete may generally be achieved 
by either limiting the maximum bar spacing or maximum bar diameter in accordance with the 
values given in Table 4.12. 

4.10 Design of pad foundations 

The design of pad foundations was discussed in section 3.11.2.1 and found to be similar 
to that for slabs in respect of bending. However, the designer must also check that the pad will 



73 
 

not fail due to face, transverse or punching shear. EC 2 requirements in respect of these three 
modes of failure are discussed below. 

4.10.1 FACE SHEAR (CL. 6.4.5, EC 2) 

According to Cl. 6.4.5, adjacent to the column the applied ultimate shear stress, νEd, 
should not exceed the maximum allowable shear resistance, νRd,max where νEd and νRd,max are given 
by, respectively, equations 8.43 and 8.44: 

(see Fig. 3.75, Chapter 3) (8.43) 

where 
VEd applied shear force 
d mean effective depth of the slab, which may be taken as (dy + dz)/2 where dy, dz effective 

depth of section in the y and z directions respectively 
u0 length of column periphery 
β= 1 where no eccentricity of loading exists 

(8.44) 
where 

 

4.10.2 TRANSVERSE SHEAR (CL. 6.4.4, EC 2) 

The critical section for transverse shear failure normally occurs a distance d from the face 
of the column. Shear reinforcement is not necessary provided the ultimate design shear stress, 
νEd, is less that the design shear resistance, νRd where νEd and νRd are given by, respectively, 
equations 8.45 and 8.46: 

 (8.45) 

where 
u is the perimeter being considered 
d is the mean effective depth of the section VEd,red = VEd - ∆VEd 
in which 
VEd is the applied shear force 
∆VEd is the net upward force within the control perimeter 

 

Fig. 8.28 Design model for punching shear at ULS (Fig. 6.16, EC 2). 

The design shear resistance, νRd,c, is given by 

(8.46) 
where 
CRd,c = 0.18/YC 
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fck characteristic concrete strength 
νmin = 0.035k3/2fc

1
k
/2 

d is the effective depth of the section 
a is the distance from the periphery of the 
column to the control perimeter considered 

 

in which 
ρ1y, ρ1z tension steel ratio in the y and z directions 
dy, dz effective depth of section in the y and z 
directions 

4.10.3 PUNCHING SHEAR (CL. 6.4.3 & 6.4.4, EC2)  

No punching shear reinforcement is required if the applied shear stress, νEd, is less than 
the design punching shear resistance of concrete, νRd, where νEd and νRd are calculated using, 
respectively, equations 8.47 and 8.48: 

(8.47) 

where 
VEd ultimate design shear force. For a foundation this is normally calculated along the 

perimeter of the base of the truncated punching shear cone, assumed to form at 26.6° (Fig. 8.28) 
u1 is the basic control perimeter (Fig. 8.29) β is a coefficient which takes account of the 
effects of eccentricity of loading. In cases where no eccentricity of loading is possible, β 

may be taken as 1.0. 

 

Fig. 8.29 Critical perimeters (Fig. 6.13, EC 2). 

8.48) 

where 
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k1 = 0.1 
fck characteristic concrete strength 
νmin = 0.035k3/2f c

1
k
/2 

 

in which 
ρ1y, ρ1z tension steel ratio in the y and z directions 
dy, dz effective depth of section in the y and z directions 
 

 

 

in which 
σcy, σcz respectively, NEdy/Acy and NEdz/Acz 

where 
NEd longitudinal force 
Ac area of concrete 
Where νEd exceeds νRd, shear reinforcement will need to be provided such that νEd ≤ νRd,cs 
where 
νRd,cs is the design value of punching shear resistance of slab with shear reinforcement 

calculated in accordance with Cl. 6.4.5 of EC 2. 

4.11 Design of columns 

Column design is largely covered within sections 5.8 and 6.1 of EC 2. The design 
procedures in EC 2 are perhaps slightly more complex than those used in BS 8110, although the 
final result is similar in both codes. 

Column design generally involves determining the slenderness ratio, λ, of the member. If 
it lies below a critical value, λlim, the column can simply be designed to resist the axial action and 
moment obtained from an elastic analysis, but including the effect of geometric imperfections. 
These are termed first order effects. However, when the column slenderness exceeds the critical 
value, additional (second order) moments caused by structural deformations can occur and must 
also be taken into account. In EC 2, the slenderness ratio above which columns are subjected to 
second order effects has to be evaluated while in BS 8110 it is taken as 15 for braced columns 
and 10 for unbraced columns. 

In this chapter only the design of the most common types of columns found in building 
structures, namely braced columns, will be described. A column may be considered to be braced 
in a given plane if the bracing element or system (e.g. core or shear walls) is sufficiently stiff to 
resist all the lateral forces in that plane. Thus braced columns are assumed to not contribute to 
the overall horizontal stability of a structure and as such are only designed to resist axial load and 
bending due to vertical loading. For further information on braced columns refer to section 
3.13.3. The design of braced columns involves consideration of the following aspects which are 
discussed individually below: (a) slenderness ratio, λ (b) threshold slenderness, λlim (c) first order 
effects (d) second order moments (e) reinforcement details. 

4.11.1 SLENDERNESS RATIO (CL. 5.8.3.2, EC 2) 

In EC 2 the slenderness ratio, λ, is defined as: 

(8.49) 

where 
lo is the effective length of the column 
i is the radius of gyration of the uncracked concrete section 
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Note that in BS 8110 the slenderness ratio is based on the section depth (b or h) and not 
its radius of gyration. 

 

Fig. 4.30 Effective length of columns partially restrained at both ends (based on Fig. 5.7f, EC 2). 

4.11.2 EFFECTIVE LENGTH 

Fig. 5.7(f) from EC 2, reproduced as Fig. 4.30, suggests that the effective length of a braced 
member (lo) can vary between half and the full height of the member depending on the degree 
of rotational restraint at column ends i.e.  

 
The actual value of effective length can be estimated using the following expression 
 

 (8.50) 
where 
k1, k2 are the relative flexibilities of rotational restraints at ends 1 and 2 respectively 
in which 

 

θ is the rotation of restraining members for bending moment M (see Fig. 8.30) 
EI is the bending stiffness of compression members 
l is the clear height of compression member between end restraints 
Note that in theory, k = 0 for fully rigid rotational restraint and k = ∞ for no restraint at all, 

i.e. pinned support. Since fully rigid restraint is rare in practice, EC 2 recommends a minimum 
value of 0.1 for k1 and k2. 

It is not an easy matter to determine the values of k1 and k2 in practice because (a) the 
guidance in EC 2 is somewhat ambiguous with regard to the effect of stiffness of columns 
attached to the column under consideration and (b) the effect of cracking on the stiffness of the 
restraining member. The 

background paper to the UK National Annex to EC 2, PD 6687, recommends that when 
calculating the effective height of a column in which the stiffness of adjacent columns do not vary 
significantly, k1 and k2 should be calculated ignoring the contribution of the attached columns. 
Moreover, the contribution of the attached beams should be modelled as 2(EI/L), irrespective of 
end conditions at their remote ends, to allow for the effect of cracking. Calibration exercises 
suggest that use of these recommendations will lead to effective lengths which are similar to 
those currently obtained using the coefficients in Table 3.19 of BS 8110 (reproduced as Table 
3.27), and which could therefore be used as an alternative method of estimating the effective 
lengths of braced columns, if desired. 

4.11.3 RADIUS OF GYRATION 

The radius of gyration (i) is defined by: 
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(8.51) 
where 
I moment of inertia of the uncracked concrete section (see Table 2.4) 
A area of the uncracked concrete section 

4.11.4 THRESHOLD SLENDERNESS RATIO, λlim (CL. 5.8.3.1, EC 2) 

As noted above, the threshold slenderness value, λlim, is a key element of the design 
procedure as it provides a simple and convenient way of determining when to take account of 
first order effects only and when to include second order effects. The value of λlim is given by: 

(4.52) 

where 
A = 1/(1 + 0.2φef)(if φef is not known, 
A = 0.7 may be assumed) 
B = √(1 + 2ω) (if ω is not known, 
B = 1.1 may be used) 
C = 1.7 - rm (if rm is not known, 
C = 0.7 may be used) φef effective creep coefficient 
ω mechanical reinforcement 
ratio = As fyd/(A c fcd) 
As total area of longitudinal reinforcement 
n relative normal force = NEd/(Acfcd) 
rm moment ratio = M01/M02 taken 
positive when moments produce tension on the same face, otherwise negative 
M01,M02 first order end moments, |M02| ≥ |M01|  
The value of the creep coefficient, φef, can be calculated using the guidance in Cl. 5.8.4 of 

EC 2. However, in many cases the extra design effort required may not be justified and the 
recommended value of 0.7 for factor A should be used. Factor B depends upon the area of 
longitudinal steel, which will be unknown at the design stage. It would seem reasonable therefore 
to use the recommended value of 1.1, at least for the first iteration. Factor C arguably has the 
largest influence on λlim and it is worthwhile calculating its value accurately rather than simply 
assuming it is equal to 0.7. Factor C gives an indication of the column’s susceptibility to buckling 
under the action of applied moments. Thus buckling is more likely where the end moments act 
in opposite senses as they will produce tension on the same face. Conversely, buckling is less 
likely when the end moments act in the same sense as the member will be in double curvature 
(Fig. 4.31). 

 
 

 

Fig. 4.31 Column buckling modes. 
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4.11.5 DESIGN OF BRACED COLUMNS 

Having determined the value of λlim it is possible to design the column. The following sub-
sections discuss the procedures recommended in EC 2 for the design of braced columns when: 

(a) λ < λlim  
(b) λ > λlim 

4.11.5.1 Design of columns when λ < λlim (Cl. 6.1, EC 2) 

According to clause 5.8.3.1 of EC 2, if the slenderness, λ, is less than λlim the column should 
be designed for the applied axial action, NEd, and the moment due to first order effects, MEd, 
being numerically equal to the sum of the larger elastic end moment, M02, plus any moment due 
to geometric imperfection, NEd.ei, as follows: 

MEd = M02 + NEd.ei (4.53) 

where 

ei is the geometric imperfection =  

in which θi is the angle of inclination and can be taken as 1/200 for isolated braced 
columns and l0 is the effective length (clause 5.2(7)). According to clause 6.1(4) the minimum 
design eccentricity, e0, is h/30 but not less than 20 mm where h is the depth of the section. Note 
that in BS 8110 the corresponding limit is h/20. 

Once NEd and MEd have been determined, the area of longitudinal steel can be calculated 
by strain compatibility using an iterative procedure as discussed in example 3.19 of this book. 
However, this approach may not be practical for everyday design and therefore The Concrete 
Centre has produced a series of design charts, similar to those in BS 8110:Part 3, which can be 
used to determine the area of longitudinal steel. Two typical column design charts are shown in 
Fig. 8.32. Example 8.13 illustrates the design procedure involved. 

4.11.5.2 Design of columns when λ > λlim (Cl. 5.8.8, EC 2) 

When λ > λlim, critical conditions may occur at the top, middle or bottom of the column. 
The values of the design moments at these positions are, respectively: 

(i) M02 
(ii) M0Ed+M2 
(iii) M01+0.5M2 

M0Ed is the equivalent first order moment including the effect of imperfections at about 
midheight of the column and may be taken as M0e as follows: 

M0e = (0.6M02 + 0.4M01) ≥ 0.4M02 (4.54) 
where M01 and M02 are the first order end moments including the effect of imperfections 

acting on the column and M02 is the numerically larger of the elastic end moment acting on the 
column i.e. |M02| > |M01|. 

M2 is the nominal second order moment acting on the column and is given by 

M2 = NEd.e2 (4.55)
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Fig. 4.32 Typical column design charts for use with EC 2. 

 

Fig. 4.33 

n relative axial force = NEd/Ac fcd (4.60) 
nbal = 0.4 
Kφ = 1 + βφef ≥ 1.0 (4.61) 
in which 
φef effective creep coefficient determined via clause 5.8.4 

 

Bo λ slenderness ratio = — i 

and where 
 

 (4.63) 
in which 
εyd design yield strain of reinforcement: = 

where 
NEd is the design axial load at ULS 
d effective depth of section 

 

in which 

 
where 
e2 is the deflection 

 
 



80 
 

 

in which nu = 1 + ω 

(where ω = Asfyd/Acfcd) 
Once NEd and MEd are known, the area of longitudinal steel can be evaluated using 

appropriate column design charts (see Example 8.13). 

4.11.6 BIAXIAL BENDING (5.8.9, EC 2) 

Columns subjected to axial load and bi-axial bending can be checked using the following 
expression 

 

where 

MEdz/y design moment around the respective axis, including a 2nd order moment 
MRdz/y moment of resistance in the respective direction  

Table 8.17 Exponent a for rectangular cross-sections 
NEd/NRd 0.1 0.7 1.0 

a = 1.0 1.5 2.0 

a is the exponent; a = 2 for circular cross sections and for rectangular sections is obtained 
from Table 8.17 in which NRd is the design axial resistance of section = Ac fcd + As fyd where Ac is the 
gross area of the concrete section and As is the area of longitudinal steel 

For rectangular sections, use of this equation assumes that the ratio of the relative first 
order eccentricities, namely ey/h and ez/b, satisfies the following relationship 

(8.65) 

Unlike BS 8110, the design procedure in EC 2 is iterative and involves estimating an area 
of longitudinal steel which is then checked using expression 8.64. To cut down the number of 
iterations it would be sensible to use the approach currently recommended in BS 8110 (section 
3.13.5.2(ii)) to obtain an initial estimate of the required area of longitudinal steel, which can be 
verified using equation 8.64, as shown in example 8.17. 

4.11.7 REINFORCEMENT DETAILS FOR COLUMNS 

4.11.7.1 Longitudinal reinforcement (Cl. 9.5.2, EC 2) 

Diameter of bars. EC 2 recommends that the minimum diameter of longitudinal bars in 
columns is 12 mm. 

Reinforcement percentages. The area of longitudinal reinforcement, As, should lie within 
the following limits: 

greater of and  
where 
fyd design yield strength of the reinforcement 
NEd design axial compression force 
Ac cross-section of the concrete 
Note that the upper limit should be increased to 0.08Ac at laps. 
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4.11.7.2 Transverse reinforcement (links) (Cl. 9.5.3, EC 2) 

Size and spacing of links. The diameter of the links should not be less than 6 mm or one 
quarter of the maximum diameter of the longitudinal bar, whichever is the greater. 

The spacing of links along the column should not exceed the least of the following three 
dimensions: 
(i) 20 times the minimum diameter of the longitudinal bars 
(ii) the lesser lateral dimension of the column (iii) 400 mm 

Arrangement of links. With regard to the arrangement of links around the longitudinal 
reinforcement, EC 2 recommends that: 

a) every longitudinal bar placed in a corner should be supported by a link passing around 
the bar and 

b) no bar within a compression zone should be further than 150 mm from a restrained bar. 
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5. Eurocode 3: Design of steel structures 

5.1 Introduction 

Eurocode 3 applies to the design of buildings and civil engineering works in steel. It is 
based on limit state principles and comes in several parts as shown in Table 9.1. 

Part 1, which is the subject of this discussion, gives the basic rules for design of buildings 
in steel. It is largely similar in scope to BS 5950: Part 1, which it will replace by about 2010. 
Originally planned as a three sub-part document, the normative version was eventually published 
in twelve sub-parts as indicated in Table 9.2. This step was taken in order to avoid repetition of 
design guidance and provide a concise set of standards for design of steel buildings. But this also 
means that engineers will now have to refer to a number of standards in order to design even 
the simplest of elements. In the case of beams, for example, the designer will have to refer to 
Part 1.1, hereafter referred to as EC 3, for guidance on bending and shear, Part 1.5, hereafter 
referred to as EC 3-5, for web and stiffener design and Part 1.8, hereafter referred to as EC 3-8, 
for connection design. In addition, but like the other material-specific codes, i.e. EC 2-EC 6 and 
EC 9, the designer will have to refer to EN 1990 and Eurocode 1 to determine the design values 
of actions and combination of actions, including values of the partial factors for actions. 

Table 5.1 Overall scope of Eurocode 3 

Part Subject 

1 General rules and rules for buildings 

2 Steel bridges 
3 Towers, masts and chimneys 
4 Silos, tanks and pipelines 
5 Piling 

6 Crane supporting structures 

Table 9.2 Scope of Part 1 of Eurocode 3 

 
 

EC 3 was published in draft form in November 1990 and then as a voluntary standard, DD 
ENV 1993-1-1, in September 1992. It was finally issued as a Euronorm, EN 1993-1-1, but with a 
much reduced content, in 2004. EC 3 deals with the following subjects: 

Chapter 1: General 
Chapter 2: Basis of design 
Chapter 3: Materials 
Chapter 4: Durability 
Chapter 5: Structural analysis 
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Chapter 6: Ultimate limit state 
Chapter 7: Serviceability limit state 

Annex A - Method 1: Interaction factors  
Annex B - Method 2: Interaction factors  
Annex AB - Additional design provisions  
Annex BB - Buckling of components of building structures 
The purpose of the following discussion is principally to highlight the main differences 

between EC 3, EC 3-5, EC 3-8 and BS 5950: Part 1. A number of comparative design studies are 
also included to illustrate the new design procedures. 

5.2 Structure of EC 3 

Apart from the major re-packaging exercise referred to above, the organisation of 
material within individual sub-parts is also quite different to that used in BS 5950, as exemplified 
by the above contents list for EC 3. Thus, whereas BS 5950 contains separate sections on the 
design of different types of elements in building structures, e.g. beams, plate girders, 
compression members, etc., EC 3, on the other hand, divides the material on the basis of 
structural phenomena, e.g. tension, compression, bending, shear and buckling, which may apply 
to any element. This change has largely been implemented in order to avoid duplication of design 
rules and also to promote a better understanding of structural behaviour. 

5.3 Principles and Application rules (Cl. 1.4, EC 3) 

As with the other structural Eurocodes and for the reasons discussed in section 7.5.2, the 
clauses in EC 3 have been divided into Principles and Application rules. Principles comprise 
general statements, definitions, requirements and models for which no alternative is permitted. 
Principles are indicated by the letter P after the clause number. The Application rules are 
generally recognised rules which follow the statements and satisfy the requirements given in the 
Principles. The absence of the letter P after the clause number indicates an application rule. The 
use of alternative application rules to those recommended in the Eurocode is permitted provided 
it can be shown that the alternatives are at least equivalent and do not adversely affect other 
design requirements. It is worth noting, however, that if an alternative application rule is used 
the resulting design will not be deemed Eurocode compliant (Fig. 4.1). 

 

 

5.4 Nationally Determined Parameters 

Like the other structural Eurocodes, Eurocode 3 allows some parameters and design 
methods to be determined at the national level. Where a national choice is allowed this is 
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indicated in a note in the normative text under the relevant clause. The note may include the 
recommended value of the parameter, or preferred method, etc., but the actual value, 
methodology, etc., to be used in a particular Member State country is/will be given in the 
appropriate National Annex. The recommended values of these parameters and design 
methods/procedures are collectively referred to as Nationally Determined Parameters (NDPs). 
The NDPs determine various aspects of design but perhaps most importantly the level of safety 
of structures during execution (i.e. construction/fabrication) and in-service, which remains the 
responsibility of individual nations. 

The UK National Annexes to EC 3 and EC 3-5 were published in 2008 and 2005 
respectively. The National Annex to EC 3 - 8 is still awaited. Thus the discussion and worked 
examples in sections 9.10 and 9.11 on, respectively, beam and column design, are based on the 
material in EC 3, EC 3 -5 and the NDPs in the accompanying National Annexes whereas the 
material in section 5.12 on connections is based solely on the contents of EC 3 - 8. 

5.5 Symbols (Cl. 1.6, EC 3) 

The symbols used in EC 3 are extremely schematic but a little cumbersome. For example, 
Mpl,y,Rd denotes the design plastic moment of resistance about the y-y (major) axis. Symbols such 
as this make many expressions and formulae much longer and seem more complex than they 
actually are. 

A number of symbols which are used to identify particular dimensions of Universal 
sections have changed in Eurocode 3 as discussed in section 5.6. For example, the elastic and 
plastic moduli about the major axis are denoted in Eurocode 3 by the symbols Wel,y and Wpl,y 
respectively rather than Zxx and Sxx as in BS 5950. Likewise, the elastic and plastic moduli about 
the minor axis are denoted in EC 3 by the symbols Wel,z and Wpl,z, respectively, rather than Zyy 
and Syy as in BS 5950. 

5.6 Member axes (Cl. 1.6.7, EC 3) 

Member axes for commonly used steel members are shown in Fig. 5.2. This system is 
different to that used in BS 5950. Thus, x-x is the axis along the member, while axis y-y is what is 
termed in BS 5950 as axis x-x, the major axis. The minor axis of bending is taken as axis z-z in EC 
3. Considering steel design in isolation, this change need not have happened. It was insisted on 
for consistency with the structural Eurocodes for other materials, e.g. concrete and timber. 

5.7 Basis of design 

Like BS 5950, EC 3 is based on the limit state method and for design purposes principally 
considers two categories of limit states: ultimate and serviceability. A separate (third) category 
of durability is also mentioned in clause 4 of EC 3 which covers the limit states of corrosion, 
mechanical wear and fatigue. Of these, corrosion is generally viewed as the most critical issue for 
steel building structures and involves taking into account the expected exposure conditions, the 
design working life of the structure, the composition and properties of the steel, structural 
detailing and protective measures, amongst other factors (clause 2.4, EN 1990). 

The terms ‘ultimate limit state’ (ULS) and ‘serviceability limit state’ (SLS) apply in the same 
way as we understand them in BS 5950. Thus, ultimate limit states are those associated with 
collapse, or with other forms of structural failure which may endanger the safety of people while 
serviceability limit states concern states beyond which specified service criteria, for example the 
functioning of the structure or member, the comfort of people and appearance of the structure, 
are no longer met (clauses 3.3 and 3.4 of EN 1990). 
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Fig. 9.2 Member definitions and axes used in EC 3 (NB symbols in parentheses denote symbols used in 
BS 5950). 

The actual serviceability limit states relevant to steel building structures are outlined in 
section 7 of EC 3. The code provides very few details, however, as many SLS are not material 
specific and for relevant design guidance the designer must turn to clause A1.4 of EN 1990. The 
principal serviceability limit states recommended in EC 3 are listed below: 

1. Deformations, e.g. vertical and horizontal deflections which cause damage to finishes or 
non-structural elements such as partitions and cladding, or adversely affect the comfort 
of people or appearance of the structure. 

2. Dynamic effects, e.g. vibration, oscillation or sway which causes discomfort to the 
occupants of a building or damage to its contents. 
Based on the recommendations given in clauses 3.2 and 3.3 of EN 1990, the ultimate limit 

states relevant to steel structures and components are: 
1) static equilibrium of the structure 
2) rupture, excessive deformation of a member, transformation of the structure into 

a mechanism 
3) instability induced by second order effects, e.g. lack of fit, thermal effects, sway 
4) fatigue 
5) accidental damage, e.g. exposure to fire, explosion and impact. 

As can be appreciated, these are roughly similar to the ultimate limit states used in BS 
5950 (Table 4.1) although there are slight changes in the terminology. 

In the context of elemental design, the designer is principally concerned with the ultimate 
limit state of rupture (i.e. strength) and the serviceability limit state of deflection. EC 3 
requirements in respect of these two limit states will be discussed later for individual element 
types. 

In a similar way to BS 5950, clauses 1.5.3 and 5.1 of EC 3 distinguishes between three 
types of frames used for building structures and associated joint behaviour: 

a) simple frames in which the joint are not required to resist moments, i.e. the joints are 
pinned and by implication the structure is fully braced. 

b) continuous frames in which the joints are rigid (for elastic analysis) or full strength (for 
plastic analysis) and can transmit all moments and forces. 

c) semi-continuous frames in which the actual strength of the joints is taken into 
account. 
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5.8 Actions (Cl. 2.3, EC 3) 

Actions is Eurocode terminology for loads and imposed deformations. Permanent actions, 
G, are all the fixed loads acting on the structure, including finishes, immovable partitions and the 
self weight of the structure. Variable actions, Q, include the imposed, wind and snow loads. 
Clause 2.3.1 of EC 3 recommends that the values of characteristic permanent, Gk, and variable, 
Qk, actions should be taken from relevant parts of Eurocode 1: Actions on structures. Guidance 
on determining the design value of actions and combination of actions is given in EN 1990: Basis 
of structural design. These documents and topics are briefly discussed in section 8.5 of this book. 
As noted there, the design value of an action (Fd) is obtained by multiplying the representative 
value (Frep) by the appropriate partial safety factor for actions (γf): 

Fd = γfFrep (5.1) 
Table 5.3 shows the relevant partial safety factors for the ultimate limit state of strength. 

Other safety factors will apply in other design situations. For example, the partial factors for the 
ultimate limit states of equilibrium are shown in Table 4.6. In equation 5.1, Frep is generally taken 
as the characteristic value of a permanent or variable action (i.e. Fk). Assuming that the member 
being designed is subjected to one or more permanent actions and one variable action only, i.e. 
load combination 1 in Table 5.3, the partial safety factor for permanent actions, γG can 
conservatively be taken as 1.35 and for the variable action, γQ as 1.5. The corresponding values 
of the safety factors in BS 5950 are 1.4 and 1.6 respectively. As discussed in section 4.5.3, it is 
possible to improve structural efficiency by using expressions 6.10a and 6.10b of EN 1990 
(respectively load combination 3(a) and 3(b)/3(c) in Table 9.3) to estimate the design values of 
actions but the value of 1.35 for γG is conservative and used throughout this chapter. 

5.9 Materials 

5.9.1 DESIGN STRENGTHS (CL. 2.4.3, EC 3)  

The design strengths, Xd, are obtained by dividing the characteristic strengths, Xk, which 
can be taken as nominal values in calculations, by the material partial safety factor, γm, i.e. 

 (5.2) 

Table 5.3 Load combinations and partial safety/combination factors for the ultimate limit 
state of strength 

Limit state/Load combination 

Load Type 

Permanent, Gk Imposed, Qk 
Wind, Wk 

Unfavourable Favourable Unfavourable Favourable 

Strength:  

1. Permanent and variable 1.35/1.35ξ 1.0 1.5 0 - 

2. Permanent and wind 1.35/1.35ξ 1.0 - - 1.5 

3. Permanent, imposed and wind  

(a) 1.35 1.0 1.5ψ0,1 0 1.5ψ0,2 

(b) 1.35/1.35ξ 1.0 1.5 0 1.5ψ0 

(c) 1.35/1.35ξ 1.0 1.5ψ0 0 1.5 

But this is in fact not used in EC 3. Instead, EC 3 divides the cross-section resistance, Rk, 
by a partial safety factor to give the design resistance, Rd for the member, i.e. 

 (5.3) 
where γM is the partial safety factor for the resistance. Thus, γM in EC 3 is not the same as 

γm in BS 5950. Here γm is applied to material strength; γM is applied to members or structures and 
takes account of both material and modelling/geometric uncertainties. 
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5.9.2 NOMINAL STRENGTHS (CL. 3.2, EC 3) 

Table 5.4 shows the steel grades and associated nominal values of yield strength and 
ultimate tensile strength for hot rolled steel sections. The steel grades are the same as those 
mentioned in BS 5950 except grade S235 which is popular in Continental countries but not in the 
UK and was therefore not referred to in BS 5950. Note that the values of the yield strength shown 
in the table have been obtained from the product standard (EN 10025 -2) and not from EC 3, as 
recommended in clause 2.4 of the National Annex. 

5.9.3 PARTIAL FACTORS, γM (CL. 6.1, EC 3) 

Values of the partial factor γM (section 9.9.1) applied to characteristic values of resistance 
to obtain design resistances are given in clause 6.1 of EC 3. The factor γM assumes different values 
depending on the type of resistance being verified as indicated below:  

resistance of cross-sections γM0 = 1.00 
resistance of member to instability γM1 = 1.0 
resistance of cross-section to fracture γM2 = 1.10 
The γM factors for joints are given in EC 3 - 8 as discussed in Section 9.13. 

Table 5.4 Nominal values of yield strength fy and ultimate tensile strength fu for hot rolled 
structural steel to EN 10025-2 (Table 3.1, EC 3) 

Nominal 
steel 
grade 

Nominal thickness of the element, t (mm) 

t ≤ 16 mm 16 mm < t ≤ 40 mm 

fy(N/mm2) fu(N/mm2) fy(N/mm2) fu(N/mm2) 
S235 235 360 235 360 
S275 275 410 265 410 
S355 355 470 345 470 
S450 440 550 430 550 

 

5.9.4 MATERIAL COEFFICIENTS (CL. 3.2.5, EC 3) 

The following coefficients are specified in EC 3 
Modulus of elasticity, E = 210,000 N mm-2 
Shear Modulus, F 

 (5.4) 

Poisson’s ratio, ν = 0.3 
Coefficient of linear thermal expansion, α = 12 × 106 per deg C 
Density, ρ = 7850 kg m-3 
Note that the value of E is slightly higher than that specified in BS 5950 (205 kN mm-2). 

Classification of cross-sections (Cl. 5.5, EC 3) 

Classification has the same purpose as in BS 5950, and the four classifications are 
identical: 

Class 1 cross-sections: ‘plastic’ in BS 5950  
Class 2 cross-sections: ‘compact’ in BS 5950  
Class 3 cross-sections: ‘semi-compact’ in BS 5950  
Class 4 cross-sections: ‘slender’ in BS 5950 
Classification of a cross-section depends upon the proportions of each of its compression 

elements. The highest (least favourable) class number should be quoted for a particular section. 
Appropriate sections of EC 3’s classification are given in Table 4.5. Comparison with Table 

5.2 of EC 3 shows that the symbols are slightly different. This change has been carried to prevent 
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any confusion as to which dimension is to be used to classify sections as EC 3 uses the same 
symbols to define different section dimensions. Comparison with the corresponding limits given 
in BS 5950 for rolled sections (Table 4.4) shows that the c*/tw (= d/t) ratios are slightly more 
onerous for webs, and c/tf (= (B - tw - 2r)/2T) ratios are perhaps slightly less onerous for outstand 
flanges. It should be noted that in EC 3 the factor ε is given by 

ε = (235/fy)0.5 (9.5) 
not (275/py)0.5 as in BS 5950. 
For Class 4 sections effective cross-sectional properties can be calculated using effective 

widths of plate which in some cases put the member back into Class 3. The expressions for 
calculating effective widths of hot rolled sections are given in EC 3-5. 

Table 5.5 Maximum width-to-thickness ratios for compression elements (Table 5.2, EC3) 

 

5.11 Design of beams 

As noted at the outset, the information needed for beam design is no longer in one place 
but dispersed in EC 3, EC 3-5 and EN 1990. To ease understanding of this material, as in Chapter 
4 of this book, we will consider the design of fully laterally restrained and unrestrained beams 
separately. Thus, the following section (5.11.1) will consider the design of beams which are fully 
laterally restrained. Section 5.11.2 will then look at Eurocode 3: Part 1’s rules for designing beams 
which are not laterally torsionally restrained. 

5.11.1 FULLY LATERALLY RESTRAINED BEAMS 

Generally, such members should be checked for 
1) resistance of cross-section to bending ULS  
2) resistance to shear buckling ULS 
3) resistance to flange-induced buckling ULS 
4) resistance of the web to transverse forces ULS  
5) deflection SLS. 

5.11.1.1 Resistance of cross-sections-bending moment (Cl. 6.2.5, EC 3) 

When shear force is absent or of a low value, the design value of the bending moment, 
MEd, at each section should satisfy the following: 
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(5.5) 
where Mc,Rd is the design resistance for bending about one principal axis taken as follows: 
the design plastic resistance moment of the gross section 

(5.6) 
where Wpl is the plastic section modulus, for class 1 and 2 sections only; 
the design elastic resistance moment of the gross section 

(5.7) 
where Wel,min is the minimum elastic section modulus for class 3 sections; 

a) the design local buckling resistance moment of the gross section 

(5.8) 
where Weff,min is the minimum effective section modulus, for class 4 cross-sections only; 

b) the design ultimate resistance moment of the net section at bolt holes Mu,Rd, if 
this is less than the appropriate values above. In calculating this value, fastener 
holes in the compression zone do not need to be considered unless they are 
oversize or slotted and provided that they are filled by fasteners. In the tension 
zone holes do not need to be considered provided that 

(5.9) 
Consideration of fastener holes in bending is a difference from BS 5950. 

5.11.1.2 Resistance of cross-sections – shear (Cl. 6.2.6, EC 3) 

The design value of the shear force VEd at each cross-section should satisfy the following 

(5.10) 
where Vc,Rd is the design shear resistance. For plastic design Vc,Rd is taken as the design 

plastic shear resistance, Vpl,Rd, given by 

 (5.11) 
where Av is the shear area, which for rolled I and H sections, loaded parallel to the web is 

(5.12) 
where 
A cross-sectional area 
b overall breadth 
r root radius 
tf flange thickness 
tw web thickness 
hw depth of the web 
η conservatively taken as 1.0 
Equation 9.12 will generally give a slightly higher estimate of the shear area than in BS 

5950. 
Fastener holes in the web do not have to be considered in the shear verification. 
Shear buckling resistance for unstiffened webs must additionally be considered when 

(5.13) 
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When the changed definition of ε is taken into account, this value is more onerous than 
the corresponding value in BS 5950. 

For a stiffened web (clause 5.1, EC 3-5), shear buckling resistance will need to be 
considered when 

 

 (5.14) 
where kτ is the buckling factor for shear and is given by 

 (9.15) 

5.11.1.3 Resistance of cross-sections-bending and shear (Cl. 6.2.8, EC 3) 

The plastic resistance moment of the section is reduced by the presence of shear. When 
the design value of the shear force, VEd, exceeds 50 per cent of the design plastic shear resistance, 
Vpl,Rd, the design resistance moment of the section, Mv,Rd, should be calculated using a reduced 
yield strength taken as 

(1 - ρ)fy for the shear area only (5.17) 
where 
 

 (5.18) 
 

 

Fig. 5.3 Different types of forces applied to a web and associated buckling coefficients (Fig. 6.1, EC 3 -5). 
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Thus, for rolled I and H sections the reduced design resistance moment for the section 
about the major axis, My,v,Rd, will be given by 

(5.19) 

5.11.1.4 Shear buckling resistance (Cl. 6.2.6, EC 3) 

As noted above the shear buckling resistance of unstiffened beam webs has to be checked 
when 

(5.20) 
Clause 2.4 of the National Annex to EC 3-5 recommends a value of 1.0 for η for all steel 

grades up to and including S460. For standard rolled beams and columns this check is rarely 
necessary, however, as hw/tw is almost always less than 72ε and has therefore not been discussed 
in this section. 

5.11.1.5 Flange-induced buckling (Cl. 8, EC 3-5)  

To prevent the possibility of the compression flange buckling in the plane of the web, EC 
3 - 5 requires that the ratio hw/tw of the web should satisfy the following criterion: 

(5.21) 
where 
Aw is the area of the web = (h - 2tf)tw 
Afc is the area of the compression flange = btf fyf is the yield strength of the 

compression flange 
The factor k assumes the following values: 
Plastic rotation utilised, i.e. class 1 flanges: 0.3 
Plastic moment resistance utilised, i.e. class 2 flanges: 0.4 
Elastic moment resistance utilised, i.e. class 3 or class 4 flanges: 0.55 

5.11.1.6 Resistance of the web to transverse forces (Cl. 6, EC 3-5) 

EC 3 - 5 distinguishes between two types of forces applied through a flange to the web: 
a) forces resisted by shear in the web (Fig. 5.3, loading types (a) and (c)). 
b) forces transferred through the web directly to the other flange (Fig. 5.3, loading 

type (b)). 
For loading types (a) and (c) the web is likely to fail as a result of 

i. crushing of the web close to the flange accompanied by yielding of the flange, the 
combined effect sometimes referred to as web crushing 

ii. localised buckling and crushing of the web beneath the flange, the combined effect 
sometimes referred to as web crippling (Fig. 5.4a). 

For loading type (b) the web is likely to fail as a result of 
(i) web crushing 
(ii) buckling of the web over most of the depth of the member (Fig. 9.4b). 

Provided that the compression flange is adequately restrained in the lateral direction, the 
design resistance of webs of rolled beams under transverse forces can be determined in 
accordance with the recommendations contained in clause 6 of EC 3-5. 

Here it is stated that the design resistance of webs to local buckling is given by 

(5.22) 
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where 
fyw is the yield strength of the web 
tw is the thickness of the web 
γM1 is the partial safety factor = 1.0 Leff is the effective length of web which resists 

transverse forces = χFly (5.23) 

 

Fig. 9.4 Web failure. 

in which 

 

Fig. 9.5 Length of stiff bearing (based on Fig. 6.2, EC 3 -5). 

 

For webs without longitudinal stiffeners kF is obtained from Fig. 9.3 and ly is obtained as 
follows. 

Effective loaded length, ly 
According to clause 6.5 for loading types (a) and (b) in Fig. 9.3, the effective loaded length, 

ly, is given by 
in which 
χF is the reduction factor due to local buckling calculated as discussed below 
ly is the effective loaded length, appropriate to 
the length of the stiff bearing ss. According to clause 6.3 of EC 3 - 5, s s should be taken as 

the distance over which the applied load is effectively distributed at a slope of 1.1 as shown in 
Fig. 5.5, but ss ≤ hw. 

 

and if dF > 0.5 
where 
 

 (5.28) 
 

Reduction factor, χF 
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According to clause 6.4 the reduction factor χF is given by 

 

 (5.29) 
where 
 

 (5.24) 
or if dF ≤ 0.5, m2 = 0 
For loading type (c) ly is taken as the smallest value obtained from equations 9.30 and 

9.31 as follows 

 
 

 

 

where 
 

 (9.32) 

Interaction between shear force and bending moment 
According to clause 7 of EC 3 - 5, where the web is also subject to bending the combined 

effect should satisfy the following 

 

A1.4 of EN 1990. Clause 7.2.1 of EC 3 makes clear, however, that the designer is 
responsible for specifying appropriate limits for vertical deflections, which should be agreed with 
the client. 

Several vertical deflections are defined in EN 1990. However, like BS 5950, the National 
Annex to EC 3 recommends that checks on the vertical deflections, δ, under unfactored imposed 
loading should be carried out and suggests that in the absence of other limits the limits shown in 
Table 9.6 may be used. 

where 
 

 (5.34) 

 

5.11.1.7 Deflections (Cl. 7, EC 3) 

Clause 7 of EC 3 highlights the need to check the SLS of deflection but provides few details 
on the subject other than to refer the designer to Annex 

Table 9.6 Recommended vertical deflection limits (Clause 2.24 of National Annex to EC 3) 

Conditions Deflection limits 

Cantilevers Length/180 
Beams carrying plaster or other brittle finish Span/360 
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5.11.2 LATERAL TORSIONAL BUCKLING OF BEAMS (CL. 6.3.2, EC 3) 

In order to prevent the possibility of a beam failure due to lateral torsional buckling, the 
designer needs to ensure that the buckling resistance, Mb,Rd exceeds the design moment, MEd, 
i.e. 

 

 (5.36) 
The buckling resistance is determined using equation 9.45 and is a function of 
(1) the elastic critical moment, Mcr 
(2) the buckling factor, χLT 
The following discusses how the design values of these parameters are assessed. 

5.11.2.1 Elastic critical moment, Mcr 

EC 3 provides no detailed information on how to calculate the design elastic critical 
moment of beams but rather leaves it to the designer to use something appropriate. No reason 
for this omission is provided in the code and on that basis the following formula for the elastic 
critical moment, Mcr, taken from the prestandard (i.e. ENV 1993 -1-1, 1992), is recommended. 

 

 (5.37) 
where 
Lcr = length of beam between points which have lateral restraint 
Iz = second moment of area about the minor axis (z-z) 
Iy = second moment of area about the major axis (y-y) 
It = torsional constant 
Iw = warping constant 
E = modulus of elasticity (210000 N mm-2) 

G = shear modulus =  
= 80769 Nmm-2 ≈ 81000 Nmm-2 
Equation 9.37 is based on the following assumptions: 
1. The beam is of uniform section with equal flanges. 
2. Beam ends are simply supported in the lateral plane and prevented from lateral 

movement and twisting about the longitudinal axis but are free to rotate on plan. 
3. The section is subjected to equal and opposite in plane end moments. 
4. The loads are not destabilising. 

5.11.2.2 Buckling factor χLT 

χLT is the reduction factor for lateral torsional buckling. Two methods of calculating χLT are 
provided in EC 3 as follows: 

(1) The so called ‘general case’ mentioned in clause 6.3.2.2 is applicable to all members 
of constant cross-section. 

(2) The approach detailed in clause 6.3.2.3 is applicable to rolled sections only. 
(a) General case (Cl. 6.3.2.2, EC 3). According to the general case χLT is given by 

(5.38) 
where 

Other beams (except purlins and sheeting rails) Span/200 
Purlins and sheeting rails To suit the characteristics of particular cladding 
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(5.39) in which 
αLT is an imperfection factor (Table 9.7) 

(5.40) 
where 
Wy = Wpl,y for class 1 or 2 sections 
= Wel,y for class 3 sections 
= Weff,y for class 4 sections 
Recommended values for imperfection factors for lateral torsional buckling, αLT, are given 

in Table 9.7. Whichever of the buckling curves is used depends on the type and size of section 
used as indicated in Table 9.8. 

Table 5.7 Imperfection factors (Table 6.3, EC 3) 
Buckling curve a b c d 

Imperfection factor αLT 0.21 0.34 0.49 0.76 

Table 5.8 Recommended values for lateral torsional buckling curves for rolled sections (based 
on Table 6.4, EC 3) 

Cross-section Limits Buckling curve 

Rolled I-sections h/b ≤ 2 a 
 

h/b > 2 b 

(b) Buckling factor χLT for rolled sections (Cl. 6.3.2.3, EC 3). An alternative method of 
calculating the reduction factor for lateral torsional buckling χLT for rolled sections only is 
described in clause 6.3.2.3. Here χLT is given by 

 

but χLT ≤ 1 and (5.41) 
where 

(5.42) 
in which 
αLT is an imperfection factor 
DLT,0 = 0.4 (for rolled sections, clause 2.17 of UK National Annex to EC 3) 
β= 0.75 (for rolled sections, clause 2.17 of UK National Annex to EC 3) 
The value of the imperfection factor used in equation 9.42 is again taken from Table 9.7. 

But the appropriate buckling curve for the crosssection is determined from Table 9.9. 

Table 5.9 Recommended values for lateral torsional buckling curves for rolled sections (based 
on clause 2.17 of the UK National Annex to EC 3) 

Cross-section Limits Buckling curve 

Rolled I-sections h/b ≤ 2 b 
 

2 ≤ h/b < 3.1 c 
 

h/b > 2 d 

In order to take account of the bending moment curve between points of lateral restraint 
the reduction factor χLT may be modified as follows: 

 (5.43) 
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where 

(5.44) 
in which 

 (5.45) 
where 
Mcr for the actual bending moment diagram C1 = 

Mcr for a uniform bending moment diagram 
obtained from Table 5.10. 

9.11.2.3 Buckling resistance Mb,Rd (Cl. 6.3.2.1, EC 3)  

The design buckling resistance moment of a laterally unrestrained beam is given by 

(5.45) 
where 
χLT is the reduction factor for lateral torsional buckling 
Wy is the section modulus as follows 
= Wpl,y for class 1 or 2 sections 
= Wel,y for class 3 sections 
= Weff,y for class 4 sections 
fy is the yield strength (Table 9.4) 
γM1 is the partial safety factor for buckling = 1.0 
(section 5.9.3) 
 

Table 9.10 Values of C1 for various end moment or transverse loading combinations (based on 
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Tables F.1.1 and F.1.2, ENV EC 3) 

 

5.12 Design of columns 

The design of columns is largely covered within chapter 6 of EC 3. However, unlike BS 
5950, EC 3 does not include the design of cased columns, which is left to Eurocode 4 on Steel 
Concrete Composite Structures. 

The following sub-sections will consider EC 3 requirements in respect of the design of 
(i) compression members; 
(ii) members resisting combined axial load and bending; 
(iii) columns in simple construction; 
(iv) simple column baseplates. 

5.12.1 COMPRESSION MEMBERS 

Compression members (i.e. struts) should be checked for 
1) resistance to compression 
2) resistance to buckling 

5.12.1.1 Compression resistance of cross-sections (Cl. 6.2.4., EC 3) 

For members in axial compression, the design value of the compression force NEd at each 
cross section should satisfy 

(5.46)  
a) where Nc,Rd is the design compression resistance of the cross-section, taken as 

the design plastic resistance of the gross crosssection 

 (5.47) 
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(for class 1, 2, and 3 cross-sections); 
b) the design local buckling resistance of the effective cross-section 

 (5.48) 
(for class 4 cross-sections) 
where Aeff is the effective area of section. 

9.12.1.2 Buckling resistance of members (Cl. 6.3, EC 3) 

A compression member should be verified against buckling as follows: 

(5.49) 
where 
NEd is the design value of the compression force 
Nb,Rd is the design buckling resistance of the compression member 
The design buckling resistance of a compression member should be taken as: 
d is the non-dimensional slenderness, generally given by 

 

 

for class 1, 2 and 3 cross-sections (9.50) 
The equivalent equation in BS 5950 is Pc = pcA χAf 

 for class 4 cross-sections (5.51) 
where 
χ is the reduction factor for the relevant buckling mode, given by 

(5.52) 
in which 

(5.53) 
where 
α is an imperfection factor from Table 5.11. Table 5.12 indicates which of the buckling 

curves is to be used. 
 

 

and for class 4 cross-sections 
 

 (5.55) 
where 
Ncr is the elastic critical buckling load for the relevant buckling mode based on the gross 

cross-sectional properties 
 

 (5.56) 
 

 (5.57) 
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Table 5.11 Imperfection factors for buckling curves (Table 6.1, EC 3) 
Buckling curve ao a b c d 

Imperfection factor α 0.13 0.21 0.34 0.49 0.76 

In equations (5.54) and (5.55) Lcr is the buckling length of the member in the plane under 
consideration and i is the radius of gyration about the relevant axis. Values of radius of gyration 
for UB and UC sections can be obtained from steel tables (Appendix B). However, EC 3 provides 
little information on how to determine Lcr, which is in fact equivalent to effective length, LE, in BS 
5950. The guidance provided in the prestandard yielded values of buckling length which were 
identical to BS 5950 effective lengths, and therefore it would seem reasonable to use either the 
guidance in Annex E of the prestandard or Table 22 of BS 5950 (Table 4.15) to determine Lcr. 

Table 5.12 Selection of buckling curve for a cross-section (based Table 6.2, EC 3) 
Cross-section Limits 

Buckling about 
axis 

Buckling 
curve 

Rolled sections h/b > 1.2   

 

tf ≤ 40 mm 
y-y a 
z-z b 

  

40 mm < tf ≤ 100 mm 
y-y b 
z-z c 

  

h/b ≤ 1.2 
tf ≤ 100 mm 

  

y-y b 
z-z c 

  

tf > 100 mm 
y-y d 
z-z d 

   

5.12.2 MEMBERS SUBJECT TO COMBINED AXIAL FORCE AND BENDING 

The design approach for members subject to combined axial (compression) force and 
bending recommended in EC 3 is based on the equivalent moment factor method, which 
necessitates that the following ultimate limit states are checked: 

(1) resistance of cross-sections to the combined effects 
(2) buckling resistance of member to the combined effects. 

5.12.2.1 Resistance of cross-sections - bending and axial force (Cl. 6.2.9, EC 3) 

Classes 1 and 2 cross-sections. For class 1 and 2 cross-sections subject to an axial force 
and uniaxial bending the criterion to be satisfied in the absence of shear force is 

 

 (5.58) 
where MN,Rd is the reduced design plastic resistance moment allowing for the axial force, 

NEd. For bending about the y-y axis no reduction is necessary provided that the axial force does 
not exceed half the plastic tension resistance of the web (i.e. 0.5hwtwfy 

, or a quarter of the plastic tension resistance of the whole cross-section (i.e. 
0.25Npl,Rd), whichever is the smaller. 

For larger axial loads the following approximations can be used for standard rolled I and 
H sections 
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where 

 
 

 (5.62) 
For bi-axial bending, the following approximate criterion can be used: where for I and H 

sections α = 2 and β = 5n but β ≥ 1. 
As a further conservative approximation for class 1, 2 and 3 cross-sections the following 

may be used (clause 6.2.1(7)): 

 

Class 3 cross-sections. In the absence of a shear force, class 3 cross-sections will be 
satisfactory if the maximum longitudinal stress does not exceed the design yield strength, i.e. 

 

For cross-sections without fastener holes, this becomes (clauses 6.2.4 and 6.2.5) 

 

(9.64) 

Class 4 cross-sections. For class 4 cross-sections the above approach should also be used, 
but calculated using effective, rather than actual, widths of compression elements (Cl. 6.2.9.3(2)). 

5.12.2.2 Buckling resistance of members - combined bending and axial compression (Cl. 
6.3.3, EC 3) 

Again this is presented in a rather cumbersome manner in EC 3. We will confine our remarks to class 1 and 
2 members. Members which are subjected to combined bending and axial load should satisfy the following 

 

where 
NEd, MyEd are respectively the design values 
and Mz,Ed of the compression force and the 
maximum moments about the y-y and z-z axis along the member χy and χz are the 

reduction factors due to flexural buckling as discussed in 9.12.1.2 
χLT is the reduction factor due to lateral 
torsional buckling as discussed in 9.11.2.2 
kyy, kyz, kzy are the interaction factors (see and kzz below) 
NRk = Afy (for class 1 and 2 sections) 
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My,Rk, Mz,Rk are respectively, Wpl,y fy, Wpl,z fy (for class 1 and 2 sections) 
Interaction factors. Two alternative methods for calculating values of the interaction 

factors used in equations 9.65 and 9.66 are presented in EC 3. Both methods are based on 
second-order in-plane elastic stability theory and have been validated using the same set of 
results of numerical simulations from finite element analysis and laboratory data. However, the 
emphasis in Method 1 appears to be on transparency of structural behaviour and precision 
whereas in the case of Method 2 some allowance for practical convenience has also been made. 
Consequently, only the formulation for Method 2, contained within Annex B, is presented here 
as it is somewhat simpler and therefore more amenable to hand calculations. The expressions 
relevant to the design of classes 1 and 2 rolled sections, susceptible to torsional deformation, are 
as follows: 

 

where 
Cmy, Cmz and Cm,LT are the equivalent uniform moment factors determined from Table 9.13 

and account for the shape of the bending moment diagram between the relevant points of 
restraint. 

Table 9.13 Equivalent uniform moment factors Cm for braced columns with linear applied 
moments between restraints (Table B3, EC 3) 

 
 

The complexity of the above expressions largely arises from the fact that they model 
beamcolumn behaviour more closely than the models presented in BS 5950 and indeed ENV EC 
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3 with regard to: 
1. torsional effects 
2. buckling effects 
3. instability effects. 

5.12.3 COLUMNS IN SIMPLE CONSTRUCTION 

A simplified conservative approach to the design of columns in simple construction has 
been developed by the Steel Construction Institute (SN 048b) which avoids the calculation of the 
interaction factors discussed above. It is suitable for classes 1-3, hot rolled UB and UC sections 
and involves checking the following expression is satisfied 

 

in which 
χz is determined using equations (5.52)-(5.57) and Tables 9.11 and 5.12. 
As no guidance is provided in EC 3 to evaluate the design moments acting on columns in 

simple construction, i.e. My,Ed and Mz,Ed, it is recommended that the rules given in clause 4.7.7 of 
BS 5950 concerning values of eccentricities to the column face of beam reactions are used 
(section 4.9.4). 

9.12.4 DESIGN OF COLUMN BASE PLATES (L.1, EC 3) 

The following is based on the advice given in Annex L of the ENV version of EC 3. 
Generally, column base plates should be checked to ensure 
(1) the bearing pressure does not exceed the design bearing strength of the foundations 
(2) the bending moment in the compression or tension region of the base plate does not 

exceed the resistance moment. 

5.12.4.1 Bearing pressure and strength 

The aim of design is to ensure that the bearing pressure does not exceed the bearing 
strength of the concrete, fj, i.e. 

 (5.72) 
where 
NEd is the design axial force on column 
Aeff is the area in compression under the base plate. 
The bearing strength of concrete foundations can be determined using 

(5.73) 
where 
fcd is the design value of the concrete cylinder compressive strength of the foundation 

determined in conformity with Eurocode 
2 = αccfa⅜ 
βj is the joint (concrete) coefficient which may generally be taken as 2/3 
kj is the concentration factor which may 
generally be taken as 1.0. 
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Figure 9.7 shows the effective bearing areas under axially loaded column base plates. The 
additional bearing width x is given by 

 

x  (5.74) 
where 
t is the thickness of the base plate 
fy is the yield strength of base plate material fj is the bearing strength of the foundations. 

5.12.4.2 Resistant moment 

To prevent bending failure, the bending moment in the baseplate, msd, must not exceed 
the resistance moment, mRd: 

msd < mRd (5.75) 
The bending moment in the base plate is given by 

(5.76) 
The resistance moment is given by 

(5.77) 
 

 

Fig. 5.7 Area in compression under base plate: (a) general case; (b) short projection; (c) large projetion 
(Fig. L. 1, ENV EC3).9.13 Connections 

Connection design is covered in Part 1.8 of Eurocode 3 (EC 3 - 8). The guidance provided 
is more comprehensive than BS 5950, but the results seem broadly similar and the principles are 
essentially the same. One exception may be the design of friction grip fasteners, where the slip 
factor for untreated surfaces may have to be taken as 0.2 rather than 0.45 in BS 5950. In general 
the results for bolting and welding seem slightly more conservative than BS 5950. This is largely 
because of the larger partial safety factors for connections γM = 1.25. 

To help comparison of the design methods in BS 5950 and EC 3 with regard to 
connections, the material in this section is presented under the following headings: 

1. material properties 
2. clearances in holes for fasteners 
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3. positioning of holes for bolts 
4. bolted connections 
5. high strength bolts in slip-resistant connections  
6. welded connections 
7. design of connections. 

5.13.1 MATERIAL PROPERTIES 

5.13.1.1 Nominal bolt strengths (Cl. 3.3, EC 3-8) 

The recommended bolt classes and associated nominal values of the yield strength fyb and 
the ultimate tensile strength fub (to be adopted as characteristic values in design calculations) are 
shown in Table 5.14. 

Cl. 3.1.2 of EC 3-8 recommends that only bolt classes 8.8 and 10.9 conforming to the 
requirements given in EN 14399: Group 4: High strength structural bolting for preloading, with 
controlled tightening in accordance with EN1090-2: Group 7: Execution of steel structures may 
be used as preloaded bolts. 

Table 9.14 Nominal values of fyb and fub for bolts (Table 3.1, EC 3-8) 

Bolt classes 4.6 4.8 5.6 5.8 6.8 8.8 10.9 

fyb (N mm-2) 240 320 300 400 480 640 900 
fub (N mm-2) 400 400 500 500 600 800 1000 

5.13.1.2 Filler metals 

Clause 4.2 (2) of EC 3-8 recommends that the specified yield strength, ultimate tensile 
strength, etc., of the filler metals used in welded connections should be equal to or greater than 
the corresponding values specified for the steel being welded. 

5.13.1.3 Partial safety factor (Cl. 2.2, EC 3-8) 

Partial safety factors, γM, are given in Table 2.1 of EC 3-8. Those relevant to this discussion 
are reproduced below 

Resistance of bolts and welds γM2 = 1.25 Slip resistance at ULS (Cat C) γM3 = 1.25 Slip 
resistance at SLS (Cat B) γM3,ser = 1.25 

Note that the above values appear in the normative version of EC 3-8 and the 
accompanying National Annex may specify other values. 

5.13.2 CLEARANCES IN HOLES FOR FASTENERS (SEE REFERENCE STANDARDS: GROUP 7) 

The nominal clearance in standard holes for bolted connections should be as follows: 
(i) 1 mm for M12 and M14 bolts 
(ii) 2 mm for M16 and M24 bolts (iii) 3 mm for M27 and larger bolts. 
The nominal clearance in oversize holes for slipresistant connections should be: 

(i) mm for M12 bolts 
(ii) mm for M14 to M22 bolts 
(iii) mm for M24 bolts 
(iv) 8 mm for M27 and larger bolts. 

5.13.3 POSITIONING OF HOLES FOR BOLTS (CL. 3.5, EC 3 - 8) 

5.13.3.1 Minimum end and edge distances 

The end distance e1 from the centre of a fastener hole to the adjacent end of any part, 
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measured in the direction of load transfer (see Fig. 5.8), should be not less than 1.2do, where do 
is the hole diameter. 

 

Fig. 5.8 Spacing of fasteners (based on Table 3.3, EC 3-8). 

Similarly the edge distance e2 from the centre of a fastener hole to the adjacent edge of 
any part, measured at right angles to the direction of load transfer (Fig. 5.8), should not be less 
than 1.2do. 

5.13.3.2 Maximum end and edge distances 

Under normal conditions, the end and edge distance should not exceed 8t or 125 mm, 
whichever is the larger, where t is the thickness of the thinner outer connected part. 

5.13.3.3 Minimum and maximum spacing between fasteners 

The spacing p1 between centres of fasteners in the direction of load transfer (Fig. 5.8), 
should be not less than 2.2do nor generally exceed the smaller of 14t and 200 mm. 

The spacing p2 between rows of fasteners, measured perpendicular to the direction of 
load transfer (Fig. 9.8), should not be less than 2.4do nor generally exceed the smaller of 14t and 
200 mm. 

5.13.4 BOLTED CONNECTIONS (CL. 3.6, EC 3 -8) 

5.13.4.1 Design shear resistance per shear plane 

If the shear plane passes through the threaded portion of the bolt, the design shear 
resistance per shear plane, Fv,Rd, is given by: 

(5.78) 
If the shear plane passes through the unthreaded portion of the bolt, the design shear 

resistance is given by: 

 (5.79) 
where 
A is the gross cross-section of the bolt 
As is the tensile stress area of the bolt  
fub is the ultimate tensile strength of the bolt (Table 5.14) 
αv is a factor obtained from Table 5.15 

Table 5.15 Values for αv 

Bolt classes 4.6 4.8 5.6 5.8 6.8 8.8 10.9 

αv 0.6 0.5 0.6 0.5 0.5 0.6 0.5 

It should be noted that these values for design shear resistance apply only where the bolts 
are used in holes with nominal clearances specified in section 9.13.2. 
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5.13.4.2 Bearing resistance 

The design bearing resistance, Fb,Rd, is given by 

 

5.13.5 HIGH-STRENGTH BOLTS IN SLIP-RESISTANT CONNECTIONS (CL. 3.9, EC 3-8) 

5.13.5.1 Slip resistance 

The design slip resistance of a preloaded high- strength bolt (i.e. bolt classes 8.8 and 10.9), 
Fs,Rd, is given by 

 

 (5.85) 
where 
ks = 1.0 where the holes in all the plies have 
standard nominal clearances as outlined in section 9.13.2 above 
n is the number of friction interfaces 
μ is the slip factor (see below) 
γM3 is the partial safety factor. For bolt holes in standard nominal clearance holes, γM3 = 

1.25 and 1.10 for the ultimate and serviceability limit states respectively 
Fp,C is the design preloading force. It is given by: 

 

5.13.5.2 Slip factor 

The value of the slip factor μ is dependent on the class of surface treatment. According to 
Table 3.7 of EC 3 - 8 the value of μ should be taken as follows 

μ = 0.5 for class A surfaces  
μ = 0.4 for class B surfaces  
μ = 0.3 for class C surfaces  
μ = 0.2 for class D surfaces 
where 
Class A are surfaces blasted with shot or grit, with any loose rust removed, no pitting; 

surfaces blasted with shot or grit, and spray- metallised with aluminium; surface blasted with 
shot or grit, and spray-metallised with a zinc-based coating certified to provide a slip factor of 
not less than 0.5. 

Class B are surfaces blasted with shot or grit, and painted with an alkali-zinc silicate paint 
to produce a coating thickness of 50 - 80 μm. 

Class C are surfaces cleaned by wire brushing or flame cleaning, with any loose rust 
removed; 
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Class D are surfaces not treated. (Table 3.7, EC 3 -8) 

5.13.6 WELDED CONNECTIONS (CL. 4.5.3.3, EC 3 - 8) 

5.13.6.1 Design resistance of a fillet weld 

EC 3 - 8 recommends two methods for the design of fillet welds namely the ‘directional 
method’ and the ‘simplified method’. The latter is similar to that used in BS 5950 and is the only 
one discussed here. According to the simplified method the design resistance of a fillet weld will 
be adequate if at all points the design value of the weld force per unit length, Fw,Ed, is less than 
or equal to the design weld resistance per unit length, Fw,Rd i.e. 

(5.87) 
The design weld resistance per unit length of a fillet weld is given by 

 
 

where 
a is the throat thickness of the weld and is taken as the height of the largest triangle which 

can be inscribed within the fusion faces and weld surface, measured perpendicular to the outer 
side of this triangle (Fig. 5.9). Note that a should not be less than 3mm. 

fvw,d is the design shear strength of the weld and is given by: 

  

 

Fig. 5.9 Throat thickness of a fillet weld. 

Table 5.16 Ultimate tensile strength and correlation factor βw for fillet welds (based on Table 
4.1, EC 3 - 8) 

EN10025 steel 
grade 

Ultimate tensile 
strength fu (N mm-2) 

Correlation 
factor βw 

S235 360 0.8 
S275 430 0.85 
S355 510 0.9 

where 
fu is the nominal ultimate tensile strength of 
the weaker part joined and 
β w is a correlation factor whose values should be taken from Table 5.16. 
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5.13.7 DESIGN OF CONNECTIONS 

The use of the above equations is illustrated by means of the following design examples: 
1. tension splice connection; 
2. welded end plate and beam connection; 
3. bolted beam-to-column connection using end plates; 
4. bolted beam-to-column connection using web cleats. 

 

Fig. 9.10 Splice connection. 

5.13.7.1 Splice connections 

The design of splice connections (Fig. 9.10) in EC 3 is essentially the same as that used in 
BS 5950 and involves determining the design values of the following parameters: 

(i) design shear resistance of fasteners (section 5.13.4 or 5.13.5) 
(ii) critical bearing resistance (section 5.13.4) 
(iii) critical tensile resistance (see below). 

Tension resistance of cross-sections (Cl. 6.2.3, EC 3 - 1). For members in axial tension, the 
design value of the tensile force NEd at each cross-section should satisfy the following 

(5.90) 
where 
Nt,Rd is the design tension resistance of the cross-section. 
For sections with holes the design tension resistance should be taken as the smaller of: 
 

 (9.91) 

 (5.92) 
 

where 
Npl,Rd is the design plastic resistance of the gross cross-section 
Nu,Rd is the design ultimate resistance of the net cross-section at holes for fasteners 
In Category C connections, i.e. slip-resistant at ultimate limit state, the design tension 

resistance of the cross-section should be taken as Nnet,Rd, given by 
 

 (5.93)  

9.13.7.3 Bolted beam-to-column connection using an end plate 

The design of this type of connection (Fig. 5.11) involves carrying out the following checks: 
1. ductility of the material/joint (see below)  
2. shear resistance of fasteners (see 5.13.4)  
3. bearing resistance of fasteners (see 5.13.4)  
4. resistance of welded connections (see 5.13.6)  
5. shear resistance of end plate (see below) 
6. local shear resistance of beam web (see 5.11.1.2)  
7. block tearing failure (see below) 
Ductility requirements (Cl. 3.2.2, EC 3 & NA.2.5). EC 3 requires that a check is carried out 
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on the ductility of the materials being joined. According to clause 3.2.2(2) the ductility 
requirement is generally achieved provided that the ratio of the specified minimum ultimate 
tensile strength, fu, to the specified minimum yield strength, fy, exceeds 1.1, i.e. 

 

Fig. 5.11 Typical bolted beam-to-column connection. 
 

 (5.94) 
In the case of simple end plate connections, document SN014a (SCI) recommends that 

the following should also be satisfied:  
If the supporting element is a beam or colum web 
 

 (5.95) 
If the supporting element is a column flange 

 (5.96) 
Shear resistance of end plate (Cl. 6.2.6, EC 3). The design value of the shear force VEd at 

each cross section should satisfy the following 
 

 (5.97) 
Where fastener holes are present the design shear resistance is equal to VRd,net, given by 

(5.100) 
where 
fu is the ultimate tensile strength of the plate 
material (Table 9.14) 
Av,net is the net cross-section area of the plate 
, = tp(hp - nd0) (5.101) 
in which 
tp is the thickness of the plate 
hp is the length of the plate 
n is the number of bolt rows 
d0 is the diameter of the bolt holes 
where Vc,Rd is the design shear resistance. 
For plastic design Vc,Rd is equal to the design plastic shear resistance, Vpl,Rd, given by 
 

 (5.98) 
Design for block tearing (Cl. 3.10.2, EC 3 - 8). ‘Block tearing’ failure at a group of fastener 

holes near the end of the beam web may occur as shown in Fig. 9.12. For a symmetric bolt group 
subject to concentric loading the design block tearing resistance, Veff,1,Rd, is given by 
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(5.102) 
where 
Av is the (gross) shear area and according to document SN014a (Steel Construction 

Institute) may be taken as 
 

 

 (5.99) 
where 
Ant is the net area subject to tension 
Anv is the net area subject to shear 
The coefficient 1.27 takes into account the reduction of the shear resistance, due to the 

presence of in plane bending moments. 

 

Fig. 5.12 Block tearing - net tension and shear areas (Fig. 3.8, EC 3-8). 

5.13.7.4 Bolted double angle web cleat beam-to-column connection 

The design of such connections (Fig. 5.13) involves determining the design values of the 
following parameters: 

1. design shear resistance of fasteners (see 5.13.4) 
2. bearing resistance of fasteners (see 5.13.4) 
3. shear resistance of cleats (see previous case) 
4. distribution of shear forces between fasteners (see below) 
5. bearing resistance of beam web (see 5.13.4) 
6. block tearing failure (see previous case). 

Distribution of forces between fasteners. The distribution of internal forces between 
fasteners at the ultimate limit state can be assumed to be proportional to the distance from the 
centre of rotation (see Fig. 5.14) where, amongst other cases, the design shear resistance Fv,Rd of 
a fastener is less than the design bearing resistance Fb,Rd, i.e. 

Fv,Rd < Fb,Rd (5.103) 
Thus, for the connection detail shown in Fig. 5.14, the horizontal shear force on the bolts, 

Fh,Ed, is given by: 

 (5.104)  
and the vertical shear force per bolts is = VEd/5. The design shear force, Fv,Ed, is given by 
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 (5.105 
where 
MEd = design bending moment VEd = design shear force 
p = spacing between fasteners 

 

Fig. 9.13 Typical bolted double angle web cleat beam-to- column connection. 

 

 

Fig. 9.14 Distribution of loads between fasteners (Fig. 6.5.7, ENV EC 3). 
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6. Eurocode 6: Design of masonry structures 

6.1 Introduction 

Eurocode 6 is the new European standard for the design of masonry structures. It applies 
to the design of buildings and civil engineering works in, predominantly, unreinforced and 
reinforced masonry. It is based on limit state principles and is published in four parts as shown in 
Table 6.1. 

Part 1.1 of Eurocode 6 which is the focus of the discussion in this chapter provides the 
basic information necessary for the design of masonry structures. It deals with the material 
properties and gives detailed rules which are mainly applicable to ordinary buildings. The 
corresponding British Standard is BS 5628: Parts 1 and 2. 

Part 1.2 deals with the accidental event of fire and addresses, amongst other aspects, fire 
protection of load-bearing members to prevent premature collapse of the structure and the 
measures required to limit the spread of fire in masonry structures. 

 
Table 6.1 Scope of Eurocode 6: Design of Masonry Structures 

 

Part 2 provides guidance on, amongst other aspects, the selection of mortars and 
masonry units for various exposure conditions and applications. It is somewhat similar in scope 
to BS 5628: Part 3 but the coverage in the European standard is less extensive. This is intimated 
in clause 4 of the accompanying National Annex which states that ‘a standard comprising 
complementary and noncontradictory material taken from BS 5628-1, BS 5628-2 and BS 5268-3 
is in preparation’. 

Part 3 contains simple rules for the design of various types of unreinforced masonry walls 
including panel, shear and basement walls. The rules are consistent with those provided in 
Part1.1 but will lead to more conservative designs and would appear to have been included 
because they have traditionally been used in some EC Member State countries. Neither Part 1.2 
nor Part 3 of Eurocode 6 is discussed in this chapter. 

Part 1.1 of Eurocode 6, hereafter referred to as EC 6, was published as a preliminary 
standard, reference no: DD ENV 1996-1-1, in 1994 and then in final form in 2004. It is expected 
to replace BS 5628 by around 2010. 

In common with the other structural Eurocodes, design of masonry structures cannot 
wholly be undertaken using EC 6. Reference will have to be made to a number of other 
documents, notably EN 1990 and Eurocode 1 for details of design philosophy as well as rules for 
determining the design value of actions and combination of actions as discussed below. 

6.2 Layout 

In common with the other structural Eurocodes, EC 6 has been drafted by a panel of 
experts drawn from the various EC Member State countries. The base documents for the first 
draft of EC 6 were Report 58: International recommendations for the design of masonry structures 
and Report 94: International report for design and erection of unreinforced and reinforced 
masonry structures, published in 1980 and 1987 respectively, prepared by CIB (Council for 
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International Building) committee W23. The following subjects are covered in EC 6: 
Chapter 1: General 
Chapter 2: Basis of design 
Chapter 3: Materials 
Chapter 4: Durability 
Chapter 5: Structural analysis 
Chapter 6: Ultimate limit states 
Chapter 7: Serviceability limit states 
Chapter 8: Detailing 
Chapter 9: Execution 

In addition, supplementary information is provided in a number of annexes. All the 
annexes in EC 6 are labelled ‘informative’. As explained in section 7.5.4 of this book, this signifies 
that this material does not have any status and is included merely for information. 

As can be appreciated from the above contents list, the organisation of material is 
different to that used in BS 5628 but follows the layout adopted in the other structural Eurocodes. 
Generally, the design rules in EC 6 are sequenced on the basis of action effects rather than type 
of member, as in BS 5628. 

This chapter briefly describes the contents of EC 6, insofar as it is relevant to the design 
of single leaf and cavity walls, with or without stiffening piers, subject to vertical and/or lateral 
loading. 

6.3 Principles/Application rules (Cl. 1.4, EC 6) 

As with the other structural Eurocodes and for the reasons discussed in Chapter 7, the 
clauses in EC 5 have been divided into Principles and Application rules. Principles comprise 
general statements, definitions, requirements and models for which no alternative is permitted. 
Principles are indicated by the letter P after the clause number. The Application rules are 
generally recognised rules which follow the statements and satisfy the requirements given in the 
Principles. The absence of the letter P after the clause number indicates an application rule. The 
use of alternative application rules to those recommended in the Eurocode is permitted provided 
it can be shown that the alternatives are at least equivalent and do not adversely affect other 
design requirements. It is worth noting, however, that if an alternative application rule is used 
the resulting design will not be deemed Eurocode compliant. 

6.4 Nationally Determined Parameters 

Like the other structural Eurocodes, Eurocode 6 allows some parameters and design 
methods to be determined at the national level. Where a national choice is allowed this is 
indicated in a note in the normative text under the relevant clause. The note may include the 
recommended value of the parameter, or preferred method, etc., but the actual value, 
methodology, etc., to be used in a particular Member State country is given in the appropriate 
National Annex. The recommended values of these parameters and design method/procedures 
are collectively referred to as Nationally Determined Parameters (NDPs). The NDPs determine 
various aspects of design but perhaps most importantly the level of safety of structures during 
execution (i.e. construction/fabrication) and in-service, which remains the responsibility of 
individual nations. 

The UK National Annexes for all four parts of Eurocode 6 were published in 2005 and the 
discussion and the worked examples in this chapter are based on the material in EC 6 and the 
NDPs in the accompanying National Annex. 
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6.5 Symbols 

Chapter 1 of EC 6 lists the symbols used in the document. Those relevant to this discussion 
are reproduced below. 
GEOMETRIC PROPERTIES: 
t thickness of a wall or leaf  

h height of panel between restraints  

l length of wall between restraints  

A gross cross-sectional area of a wall 

Z elastic sectional modulus 

tef effective thickness of a wall 

hef effective height of a wall 

ρt stiffness coefficient 

ehe eccentricity at the top and bottom of a wall, resulting from horizontal loads 

ehm eccentricity at the middle of a wall, resulting from horizontal loads 

ei eccentricity at the top and bottom of a wall 

einit initial eccentricityEurocode 6: Design of masonry structures 

ek eccentricity due to creep 

em eccentricity due to loads 

emk eccentricity at the middle of the wall 

SR slenderness ratio 

Φ capacity reduction factor 

Φi capacity reduction factor at the top or bottom of the wall 

Φm capacity reduction factor at mid-height of the wall 

ACTIONS AND PARTIAL SAFETY FACTORS: 
Gk characteristic permanent action 

Qk characteristic imposed action 

Wk characteristic wind load γf, γF partial factor for actions γM partial factor for materials 

COMPRESSION: 
E short-term secant modulus of elasticity of masonry 

fb normalised mean compressive strength of 

a masonry unit 

fd design compressive strength of masonry 

fk characteristic compressive strength of 

masonry 

fm compressive strength of masonry mortar 

fk characteristic compressive strength of 

masonry 

N design vertical action 

NRd design vertical resistance of a masonry wall 

FLEXURE: 
fxk1 characteristic flexural strength of masonry 

with plane of failure parallel to bed joints 

fxk2 characteristic flexural strength of masonry 

with plane of failure perpendicular to bed joints 

fxd design flexural strength of masonry 

α1,2 bending moment coefficients 

μ orthogonal ratio of the flexural strengths of masonry 

MEd design value of the applied moment 

MRd design value of moment of resistance 

MEd1 design applied moment with plane of failure parallel to bed joint 

MEd2 design applied moment with plane of failure perpendicular to bed joint 
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MRd1 design moment of resistance with plane of failure parallel to bed joint 

MRd2 design moment of resistance with plane of failure perpendicular to bed joint 

5.6Basis of design 

Like BS 5628, EC 6 is a limit state code. The two principal categories of limit states relevant 
to the design of masonry structures are durability and strength. Design for durability is discussed 
in chapter 4 of EC 6 and largely relates to the selection of masonry units and mortars for particular 
structure types and exposure classes. The code provisions relevant to this aspect of design are 
discussed in section 10.8. The design rules dealing with ultimate limit states are given in chapter 
6 of EC 6. Only those rules relevant to the design of unreinforced masonry walls subjected to 
either mainly vertical or lateral loading are discussed in this chapter. Generally, in order to assess 
the effect of these loading conditions on masonry structures the designer will need to estimate 

(a) the design values of actions  
(b) the design strength of materials. 

5.7Actions 

Action is the Eurocode terminology for loads and imposed deformations. Permanent 
actions, G, are all the fixed loads acting on the structure, including finishes, immovable partitions 
and the self-weight of the structure. Variable actions, Q, include the imposed, wind and snow 
loads. Clause 2.3.1(1) of EC 6 recommends that the values of characteristic permanent, Gk, and 
variable, Qk, actions should be obtained from the relevant parts of Eurocode 1: Actions on 
structures. Guidance on determining the design value of actions and combination of actions is 
given in EN 1990: Basis of structural design. These documents and topics are briefly discussed in 
section 8.5 of this book. As noted there, the design value of an action (Fd) is obtained by 
multiplying the representative value (Frep) by the appropriate partial safety factor for the action 
(γf): 

Fd = γfFrep (6.1) 
Table 6.2 shows the relevant partial safety factors for the ultimate limit state of strength. 

Other safety factors will apply in other design situations. For example the partial factors for the 
ultimate limit states of equilibrium are shown in Table 4.6. In equation 6.1, Frep is generally taken 
as the characteristic value of a permanent or variable action (i.e. Fk). Assuming that the member 
being designed is subjected to one (or more) permanent actions and one variable action, i.e. load 
combination 1 in Table 6.2, the partial safety factor for permanent actions, γG can conservatively 
be taken as 1.35 and for the variable action, γQ as 1.5. As discussed in section 4.5.3, it is possible 
to improve structural efficiency by using expressions 6.10a and 6.10b of EN 1990 (respectively 
load combination 3(a) and 3(b)/3(c) in Table 10.2) to estimate the design values of actions but 
the value of 1.35 for γG is conservative and used throughout this chapter. 

Table 6.2 Load combinations and partial safety/combination factors for the ultimate limit 
state of strength 

Limit state/Load combination Load Type 

Permanent, Gk Imposed, Qk Wind, Wk 

Unfavourable Favourable Unfavourable Favourable 

Strength:  

1. Permanent and variable 1.35/1.35ξ 1.0 1.5 0 - 

2. Permanent and wind 1.35/1.35ξ 1.0 - - 1.5 

3. Permanent, imposed and wind  

(a) 1.35 1.0 1.5ψ0,1 0 1.5ψ0,2 

(b) 1.35/1.35ξ 1.0 1.5 0 1.5ψ0 

(c) 1.35/1.35ξ 1.0 1.5ψ0 0 1.5 
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6.8 Design compressive strength 

The design compressive strength of masonry, fd, is given by 
(10.2) 
where 
fk is the characteristic compressive strength of masonry 
γM is the partial factor for materials. 
The characteristic compressive strength of masonry is a function of the following product/ 

material characteristics: 
Group number of masonry unit 
Normalised mean compressive strength of masonry unit 
Compressive strength of the mortar. 
The partial factor for materials is a function of the following aspects: 
Category of (masonry unit) manufacturing control 
Class of execution control. 

 

Some of this information is provided by the manufacturer of the masonry units whereas 
the others are determined using the guidance given in Eurocode 6. Before describing how the 
characteristic strength of masonry and the partial factor for materials are actually evaluated, the 
following briefly reviews the purpose of each of the above parameters. 

6.8.1 GROUP NUMBER 

One of the stated aims of the Single Europe Act is that there should be no barriers to 
trade, which has generally been interpreted as meaning that design rules must not disadvantage 
available products from EC countries. Yet there is a wide variety of masonry units used 
throughout Europe; see Fig. 10.1 for examples. The units differ in many respects including 
percentage, size and orientation of voids or perforations, and the thickness of webs and shells, 
etc. Thus, the EC 6 drafting panel had to develop methods that would allow the majority of 
masonry products currently available throughout Europe to be used in design. 

The method actually developed involved producing European specifications for common 
types of masonry unit: clay, calcium silicate, aggregate concrete, autoclaved aerated concrete, 
manufactured stone and natural stone. These specifications use a declaration system to specify 
product characteristics, each of which is supported with an appropriate test method. In turn, the 
product characteristics are used to assign masonry units with similar characteristics into one of 
four groups: 1, 2, 3 and 4, with the superior structural use masonry units being placed in Group 
1. In general, Group 1 units have no more than 25 per cent voids. Group 2 clay and calcium silicate 
units have between 25-55 per cent voids and aggregate concrete units between 25 - 60 per cent 
voids. Table 6.3 gives further details of the requirements for unit groupings. All UK bricks 
currently manufactured to British Standards, including frogged and perforated bricks, fit into 
Group 1 unit specification although the author understands some Group 2 units are becoming 
available. Cellular and hollow blocks fit into Group 1 or Group 2 unit specification, depending on 
the void content. Masonry units which fall within Groups 3 and 4 have not historically been used 
in the UK. The manufacturer will normally declare the group number appropriate to his unit. 
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Fig. 10.1 Examples of high density (HD) clay masonry units (Fig. 3, EN 771-1). 

 

6.8.2 NORMALISED COMPRESSIVE STRENGTH  

A difference in the size of units available throughout Europe and differences in test 
procedures has meant that the compressive strength of masonry units had to be normalised. 

The normalised compressive strength, fb, is the compressive strength converted to the air 
dried compressive strength of an equivalent 100 mm wide × 100 mm high unit of the same 
material. The normalised compressive strengths of masonry, fb, is given by 

fb = conditioning factor × shape factor × declared mean compressive strength (10.3) 
A number of procedures for conditioning of masonry units prior to testing are outlined in 

EN 772-1: Methods of test for masonry units: Determination of compressive strength. This 
standard advises that the conditioning factor for air-dried units is 1.0. Masonry units 
manufactured to British Standards are wet strengths in which case the recommended value of 
the conditioning factor is 1.2. Values for the shape factor, δ, are given in Table A1 of EN 772-1, to 
allow for the height and width of units. For example, for 102.5 mm × 65 mm bricks δ = 0.85, and 
for 215 mm (height) × 100 mm (width/ thickness) blocks, δ = 1.38. 

6.8.3 COMPRESSIVE STRENGTH OF MORTAR 

Table 6.4 shows the masonry mortar mixes recommended for use in the UK to achieve 
the appropriate strength given in EC 6. As will be noted the choice and designation of masonry 
mortars in EC 6 and BS 5628 are identical and therefore for a given application or exposure similar 
mortars may be specified. According to clause 3.2.2 of EC 6, masonry mortars may be specified 
by compressive strength, expressed as the letter M followed by the compressive strength in 
Nmm-2, e.g. M4, or mix proportion, e.g. 1:1:6 signifies the cement-lime-sand proportions by 
volume. The latter has the advantage, however, that it will produce mortars of known durability 
and should generally be used in practice. 

Table 6.3 Geometrical requirements for groupings of clay bricks and concrete blocks (based 
on Table 3.1, EC 6) 

 Materials and limits for masonry units 

Group 1 (All 
materials) 

Units 
Group 2 Group 3 Group 4 

Vertical holes Vertical holes 
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Volume of all holes (% of 
the gross volume) 

≤ 25 
Clay 

Concrete 
> 25; ≤ 60 
> 25; ≤ 60 

≥ 25; ≤ 70 
> 25; ≤ 70 

> 25; ≤ 70 
> 25; ≤ 50 

Volume of any hole (% of 
the gross volume) 

≤ 12.5 Clay 
Each of multiple 

holes ≤ 2 gripholes 
up to a total of 12.5 

Each of multiple 
holes ≤ 2 gripholes 
up to a total of 12.5 

Each of multiple 
holes ≤ 30 

 Concrete 
Each of multiple 

holes ≤ 30 gripholes 
up to a total of 30 

Each of multiple 
holes ≤ 30 gripholes 
up to a total of 30 

Each of multiple 
holes ≤ 25 

Declared values of 
thickness of web and shell 

(mm) 
No requirement Clay 

Concrete 

Web Shell 
≥ 5 ≥ 8 
≥ 15 ≥ 18 

Web Shell 
≥ 3 ≥ 6 
≥ 15 ≥ 15 

Web ≥ 

5 ≥ 20 

Shell 
≥ 6 
≥ 20 

Declared value of combined 
thickness of webs and shells 

(% of the overall width) 
No requirement 

Clay 
Concrete 

≥ 16 
≥ 18 

≥ 12 
≥ 15 

≥ 12 
≥ 45 

 

Table 6.4 Types of mortars (Table 2 of National Annex to EC 6) 
Compressive 
strength class 

Prescribed mortars (proportion of materials by volume) 
Mortar 

designation 

Cement-lime-sand with 
or without air 
entrainment 

Cement-sand with or 
without air entrainment 

Masonry cement1-sand Masonry 
cement2-sand 

M12 1:0 to 1/4:3 - - - (i) 
M6 1:1/2:4 to 41/2 1:3 to 4 1:21/2 to 31/2 1:3 (ii) 
M4 1:1:5 to 6 1:5 to 6 1:4 to 5 1:31/2 to 4 (iii) 
M2 1:2:8 to 9 1:7 to 8 1:51/2 to 61/2 1:41/2 (iv) 

 
Notes: 
1Masonry cement with organic filler other than lime 
2Masonry cement with lime 

6.8.4 CATEGORY OF UNIT MANUFACTURING CONTROL 

Units manufactured in accordance with European specifications can be further classified 
as belonging to Category I or Category II depending on the manufacturing control. Category I 
units are those where the manufacturer operates a quality-control scheme and the probability 
of the units not reaching the declared compressive strength is less than 5 per cent. Masonry units 
not intended to comply with the Category I level of confidence are classified as Category II. BS 
5628 has adopted the same system of classifying masonry units (Table 5.10). It is the 
manufacturer’s responsibility to declare the category of the masonry unit supplied. 

6.8.5 CLASS OF EXECUTION CONTROL 

EC 6 allows for up to five classes of execution control but, as in BS 5628, only two classes 
are used in the UK National Annex, namely, 1 and 2. According to Table 1 of the National Annex, 
Class 1 execution control should be assumed whenever the work is carried out following the 
recommendations for workmanship in EN 1996: Part 2 (EC 6-2), including appropriate supervision 
and inspection, and in addition: 
a) the specification, supervision and control ensure that the construction is compatible with the 

use of the appropriate safety factors given in EC 6; 
b) the mortar conforms to BS EN 998-2, if it is factory made mortar, or if it is site mixed mortar, 

preliminary compressive strength tests carried out on the mortar to be used, in accordance 



 

109 
 

with BS EN 1015 -2 and BS EN 1015 -11, indicate conformity to the strength requirements 
given in EC 6 and regular testing of the mortar used on site, in accordance with BS EN 1015 -
2 and BS EN 1015 -11, shows that the strength requirements of EC 6 are being maintained. 

Class 2 execution control should be assumed whenever the work is carried out following 
the recommendations for workmanship in EC 6 -2, including appropriate supervision. 

Class 1 execution control corresponds to the ‘special’ category of construction control 
used in BS 5628 and Class 2 to the ‘normal’ category. 

6.8.6 CHARACTERISTIC COMPRESSIVE STRENGTH OF MASONRY 

The characteristic compressive strength of unreinforced masonry, fk, built with general-
purpose mortar can be determined using the following expression 

(6.4) 
where 
fm is the compressive strength of generalpurpose mortar but not exceeding 20 Nmm-2 or 

2fb, whichever is the smaller 
fb is the normalised compressive strength of the masonry units 
K is a constant obtained from Table 6.5. 
The compressive strength of general-purpose mortar is obtained from Table 2 of the 

National Annex to EC 6, reproduced here as Table 6.4. This assumes that mortar designations (i), 
(ii), (iii) and (iv) (as defined in Table 6.4) have compressive strengths of, respectively, 12 Nmm-2, 
6 Nmm-2, 4 Nmm-2 and 2 Nmm-2. Unlike BS 5628, EC 6 does not differentiate between site and 
laboratory strengths. 

 

Table 6.5 Values of K (based on Table 4 of the National Annex to EC 6) 

 
aif units contain vertical voids multiply K by (100-n)/100, where n is the percentage of voids, maximum 25% 

Table 6.6 Values of γM for ultimate limit state (based on Table 2.3 of EC 6 and Table 1 of the 
National Annex to EC 6) 

Class of execution control 

 1 2 

When in a state of direct or flexural compression 

Unreinforced masonry made with: 
units of category I 2.3 2.7 
units of category II 2.6 3.0 

When in a state of flexural tension units of category I and II 2.3 2.7 
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6.8.7 PARTIAL FACTOR FOR MATERIALS, γM  

Table 6.6 shows the values of the partial factors for material properties for the ultimate 
limit state given in Table 1 of the National Annex to EC 6. As can be seen they are primarily a 
function of the Category of unit, Class of execution control and the state of stress. Comparison 
with the corresponding values in BS 5628 (Table 5.10) shows that the values in EC 6 are somewhat 
lower. 

6.9 Durability 

As previously noted the other limit state which must be considered in masonry design is 
durability. Thus, masonry units and mortars should be sufficiently durable to resist the relevant 
exposure conditions for the intended life of the structure, normally assumed to be 50 years for 
buildings. Table 10.7 shows the five main exposure classes and sub-classes relevant to masonry 
design mentioned in EC 6. It also gives examples of structures that may experience these 
conditions. Tables B1 and B2 of EC 6-2 gives details of acceptable specifications of masonry units 
and mortars appropriate to these exposures classes. Clause 3 of the associated National Annex 
recommends that this information is not used, however. As previously noted, an NCCI (Non-
Contradictory Complementary Information) on the selection of materials is in preparation and in 
the interim the guidance in Table 12 of BS 5628 (Table 5.7), which is both extensive and relevant 
to UK exposure conditions and practice, should be used. 

6.10 Design of unreinforced masonry walls subjected to vertical loading 

Having discussed the basics, the following outlines EC 6 rules for the design of vertically 
loaded walls as set out in section 6.1. The approach is very similar to that in BS 5628 and 
principally involves checking that the design value of the vertical load, NEd, is less than or equal 
to the design value of the vertical resistance of the wall, NRd, i.e. 

(6.5) 
According to clause 6.1.2.1 of EC 6, the design vertical load resistance of a single leaf 

unreinforced masonry wall per unit length, NRd, is given by 

(6.6) 
where 
Φi,m is the capacity reduction factor, Φi or Φm, as appropriate t is the thickness of the wall 
fk is the characteristic compressive strength of masonry obtained from equation 6.4 
γM is the material factor of safety for masonry determined from Table 6.6. 
The factor Φi which relates to the top or bottom of the wall is given by 

(6.7)  
where ei is the eccentricity at the top or bottom of the wall given by 

(6.8) 
where 
Mi is the design bending moment at the top or bottom of the wall 
Ni is the design vertical load at the top or bottom of the wall 
ehe is the eccentricity at the top or bottom of the wall, if any, resulting from horizontal 

loads e.g. wind 
einit is the accidental eccentricity resulting from construction inaccuracies and can be 

taken as hef/450 (6.9) in which hef is the effective height of the wall (see 6.9.1). 
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Table 10.7 Classification of conditions of exposure of masonry (Table A1, EC 6) 
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The value of the capacity reduction factor Φm, which relates to the mid-height of the wall, 
is estimated using either Fig. G.1 of EC 6 or the following expressions from Annex G of EC 6. These 
equations are valid for masonry of modulus of elasticity, E = 1000fk although the general form of 
the equations are applicable to masonry of any modulus: 

where 

 

in which 
hef is the effective height of the wall 
tef is the effective thickness of the wall 
emk is the eccentricity in the middle of the wall 
= em + ek (6.13) 
where 
ek is the eccentricity due to creep and is equal to zero where SR < 27 (Cl. 2.14 of National 

Annex) 

 

  
in which 
Mm is the design bending moment in the middle of the wall 
Nm is the design vertical load in the middle of the wall 
ehm is the greatest eccentricity in the middle one-fifth height of the wall, if any, due to 

lateral loads 
einit is the initial eccentricity. 
A simplified sub-frame analysis procedure described in Annex C of EC 6 can be used to 

calculate the values of the design bending moments and thence the corresponding values of ei 
and emk. The smaller of Φi and Φm is used to estimate the vertical design resistance of the wall. 

Clause 4.4.2(3) notes that where the crosssectional area of a wall is less than 0.1 m2, the 
characteristic compressive strength of masonry should be multiplied by (0.7 + 3A), where A is the 
loaded horizontal gross cross-sectional area of the member, expressed in square metres. Unlike 
BS 5628, there is no enhancement factor for narrow walls used in EC 6; rather, there is a 0.8 
reduction factor for walls with collar joints in their middle. 

6.10.1 EFFECTIVE HEIGHT, hef (CL. 5.5.1.2, EC6)  

The effective wall height is a function of the actual wall height, h, and end/edge restraints. 
It can be taken as 

hef = ρnh (10.15) 
ρn is a reduction factor where n = 2, 3 or 4 depending on the number of restrained and 

stiffened edges. Thus, n = 2 for walls restrained at the top and bottom only, n = 3 for walls 
restrained top and bottom and stiffened on one vertical edge with the other vertical edge free 
and n = 4 for walls restrained top and bottom and stiffened on two vertical edges. 

For walls with simple resistance (Fig. 5.10) at the top and bottom, ρ2 = 1 as in BS 5628. For 
walls with enhanced resistance (Fig. 5.11) at the top and bottom ρ2 = 0.75 as in BS 5628. ρn 

assumes other values if the wall is additionally stiffened along one or more vertical edges. See 
clause 4.4.4.3 of EC 6 for details. 
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6.10.2 EFFECTIVE THICKNESS, tef (CL. 5.5.1.3, EC 6) 

The effective thickness of a single leaf wall is equal to the actual thickness, but for cavity 
walls in which the leaves are connected by suitable wall ties it is generally given by 

 

 (6.16) 
where 
t1 and t2 are the thicknesses of the two leaves. 
ktef is the ratio of E values of the two 
leaves of the wall = E1/E2 = 1 (Cl 2.13, National Annex to EC 6) 
The effective thickness of a wall stiffened by piers is given by 

 

where 
t is the actual thickness of the wall 
ρt is a coefficient obtained from Table 5.1 (reproduced here as Table 10.8) in combination 

with Fig. 5.2 (reproduced here as Fig. 10.2), both of EC 6. 

Table 10.8 Stiffness coefficient, ρt, for walls stiffened by piers, see Fig. 10.2 (Table 5.1, EC 6) 

Ratio of pier spacing (centre to centre) to pier width 

Ratio of pier thickness to actual thickness of wall to which it is bonded 

1 2 3 

6 1.0 1.4 2.0 
10 1.0 1.2 1.4 
20 1.0 1.0 1.0 

Note: Linear interpolation between the values in the table is permitted 

 

Fig. 6.2 Diagrammatic view of the definitions used in Table 10.6 (Fig. 5.2, EC 6). 

6.11 Design of laterally loaded wall panels 

Like BS 5628, the design of panel walls in EC 6 is based on ‘yield line’ principles. The design 
method for laterally loaded panel walls given in EC 6 is identical to that used in BS 5628 and 
involves verifying the design value of the moment, MEd, does not exceed the design value of the 
moment of resistance of the wall, MRd i.e. 

MEd ≤ MRd (6.18) 
Since failure may take place about two axes (Fig. 5.21), for a given panel, there will be two 

design moments and two corresponding moments of resistance. The ultimate design moment 
per unit height of a panel when the plane of bending is perpendicular to the bed joint, MEd2 (Fig. 
5.22), is given by: 

MEd2 = α2WkγFl2 (6.19) 
The ultimate design moment per unit height of a panel when the plane of bending is 

parallel to the bed joint, MEd1, is given by: 
MEdi = μα 2 Wkγ F l2 (6.20) 
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where 
μ is the orthogonal ratio 
α2 is the bending moment coefficient taken from (Annex E) 
γF is the partial factor for actions (Table 6.2)  
l is the length of the panel between supports 
Wk is the characteristic wind load per unit area 
The Tables in Annex E are identical to Table 8 of BS 5628, part of which is reproduced as 

Table 5.14 of this book. 
The corresponding design moments of resistance when the plane of bending is 

perpendicular, MRd2, or parallel, MRd1, to the bed joint is given by equations 10.21 and 10.22 
respectively: 

MRd2 = fxd2Z (6.21) 
MRd1 = fxd1Z (6.22) 
where 

fxd1 design flexural strength parallel to the plane of bending,  (10.23) 

fxd2 design flexural strength perpendicular to the plane of bending,  (10.24) 
Z elastic section modulus 
fxk1 characteristic flexural strength parallel to the plane of bending (Table 6 of National 

Annex to EC 6) 
fxk2 characteristic flexural strength perpendicular to the plane of bending (Table 6 of 

National Annex to EC 6) 
γM partial factor for materials (Table 6.6). 
The characteristic flexural strength values given in Table 6 of the National Annex to EC 6 

are identical to those presented in Table 3 of BS 5628, reproduced here as Table 5.13. 
Equations 6.18-6.22 form the basis for the design of laterally loaded panel walls, ignoring 

any contribution from self-weight and other vertical loads. It should be noted, however, since by 
definition μ = fkx par/fkx perp, Mk par = μMk perp (by dividing equation 10.19 by equation 10.20) that either 
equations 6.19 and 6.21 or equations 6.20 and 6.22 can be used in design. The full design 
procedure is summarised in Fig. 5.27. 
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7. Eurocode 5: Design of timber structures 

7.1 Introduction 

Eurocode 5 applies to the design of building and civil engineering structures in timber. It 
is based on limit state principles and comes in three Parts as shown in Table 7.1. 

Part 1.1 of Eurocode 5, which is the subject of this discussion, gives the general design 
rules for timber structures together with specific design rules for buildings. It is largely similar in 
scope to Part 2 of BS 5268, which was discussed in Chapter 6. Part 1.1 of Eurocode 5, hereafter 
referred to as EC 5, was published as a preliminary standard, reference no: DD ENV 1995-1-1, in 
1994 and then in final form in 2004. It is expected to replace BS 5268 about 2010. 

Design of building structures cannot wholly be undertaken using EC 5, however. 
Reference will have to be made to a number of other documents, notably EN 1990 and Eurocode 
1 to determine the design values of actions and combination of actions, including values of the 
partial factors for actions, and EN 338 for material properties of timber such as bending and shear 
strength, elastic modulus, density, etc. Reference may also have to be made to Part 1.2 of 
Eurocode 5 (EN 1995-1-2) which gives the general design rules for timber structures in fire 
conditions. Like EC 5, Part 1.2 was published in final form in 2004 and the design methods are 
essentially the same as those in the corresponding British Standard, BS 5268-4. Neither Part 1.2 
nor Part 2 of Eurocode 5 on timber bridges which has also been available in final form since 2004 
are discussed in this chapter. 

Table 7.1 Scope of Eurocode 5: Design of Timber Structures 

 

 

7.2 Layout 

In common with the other structural Eurocodes, EC 5 has been drafted by a panel of 
experts drawn from the various EC Member State countries. It is based on studies carried out by 
Working Commission W18: Timber Structures of the CIB International Council for Building 
Research Studies and Documentation, in particular on CIB Structural Timber Design Code: Report 
No. 66, published in 1983. The following subjects are covered in EC 5: 

Chapter 1: General 
Chapter 2: Basis of design 
Chapter 3: Material properties 
Chapter 4: Durability 
Chapter 5: Basis of structural action 
Chapter 6: Ultimate limit states 
Chapter 7: Serviceability limit states 
Chapter 8: Connections with metal fasteners  
Chapter 9: Components and assemblies  
Chapter 10: Structural detailing and control  
Chapter 11: Special rules for diaphragm structures 

Also included are Annexes for shear failure at connections, for mechanically jointed 
beams and for built-up columns. All the Annexes are labelled ‘informative’. As explained in 
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section 7.5.4 of this book, this signifies that this material does not have any status but has been 
included merely for information. 

As can be appreciated from the above contents list the organisation of material is 
different to that used in BS 5268 but follows the layout adopted in the other structural Eurocodes. 
Generally, the design rules in EC 5 are sequenced on the basis of action effects rather than on 
the type of member, as in BS 5268. The main reason cited for this change in style is to avoid 
repetition of design rules and also to promote a better understanding of structural behaviour. 

This chapter briefly describes the contents of EC 5, in so far as it is relevant to the design 
of flexural and compression members in solid timber. The rules governing the design of joints or 
other timber types are not discussed. 

7.3 Principles/Application rules 

As with the other structural Eurocodes and for the reasons discussed in Chapter 7, the 
clauses in EC 5 have been divided into Principles and Application rules. Principles comprise 
general statements, definitions, requirements and models for which no alternative is permitted. 
Principles are indicated by the letter P after the clause numbers. The Application rules are 
generally recognised rules which follow the statements and satisfy the requirements given in the 
Principles. The absence of the letter P after the clause number indicates an application rule. The 
use of alternative application rules to those recommended in the Eurocode is permitted provided 
it can be show that the alternatives are at least equivalent and do not adversely affect other 
design requirements. It is worth noting, however, that if an alternative application rule is used 
the resulting design will not be deemed Eurocode compliant 

7.4 Nationally Determined Parameters 

Like the other structural Eurocodes, Eurocode 5 allows some parameters and procedures 
to be determined at the national level. Where a national choice is allowed this is indicated in a 
note in the normative text under the relevant clause. The note may include the recommended 
value of the parameter, or preferred method, etc., but the actual value, methodology, etc., to be 
used in a particular Member State country is given in the appropriate National Annex. The 
recommended values of these parameters and design methods/procedures are collectively 
referred to as Nationally Determined Parameters (NDPs). The NDPs determine various aspects of 
design but perhaps most importantly the level of safety of structures during execution (i.e. 
construction/fabrication) and in-service, which remains the responsibility of individual nations. 

The UK National Annex to EC 5 was published in 2006 and the discussion and worked 
examples in this chapter are based on the material in EC 5 and the NDPs in the accompanying 
National Annex. 

7.5 Symbols 

Chapter 1 of EC 5 lists the symbols used in EC 5. Those relevant to this discussion are 
reproduced below. 
GEOMETRICAL PROPERTIES: 
b breadth of beam 

h depth of beam 

A area 

i radius of gyration 

I second moment of area 

Wy, Wz elastic modulus abouty-y (major axis) and z-z (minor axis) 

BENDING: 
l span 
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Md design moment 

G permanent action 

Q variable action 

σm,d design normal bending stress 

fm,k characteristic bending strength 

fm,d design bending strength 

γG partial coefficient for permanent actions 

γQ partial coefficient for variable actions 

γM partial factor for material properties, 

modelling uncertainties and geometric variations 

kmod modification factor to strength values 

k sys load sharing factor 

k inst instability factor for lateral buckling 

E0,05 fifth percentile value of modulus of elasticity 

Emean mean value of modulus of elasticity 

(parallel) to grain 

Gmean mean value of shear modulus = 
Emean/16 

DEFLECTION: 
u inst instantaneous deformation 
u inst,G instantaneous deformation due to a permanent action G 
u inst,Q,1 instantaneous deformation for the leading variable action Q1 
ufin final deformation 
u fin,G final deformation due to a permanent action G 
u fin,Q,1 final deformation for the leading variable action Q1 
kdef deformation factor 

w 
wnet,fin net final deflection 

um bending deflection 

uv shear deflection 

VIBRATION  
f1 fundamental frequency of vibration 

b floor width 

l floor length 

v unit impulse velocity 

ζ damping coefficient 

n40 number of first order modes with natural frequencies below 40 Hz 

SHEAR: 
Vd design shear force 

τd design shear stress 

fv,k characteristic shearstrength 

fv,d design shear strength 

BEARING: 
F90,d designbearing force 

l lengthof bearing 

σc,90,d designcompression stress perpendicular to grain 

fc,90,k characteristic compression strength perpendicular to grain 

fc,90,d design compression strength perpendicular to grain 

COMPRESSION: 
lef effective length of column 

λy, λz slenderness ratios about y-y and z-z axes 

λrel,y, λrel,z relative slenderness ratios about y-y and z-z axes 

N design axial force 
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σc,0,d design compression stress parallel to grain 

fc,0,k characteristic compression strength parallel to grain 

fc,0,d design compression strength parallel to grain 

σm,y,d,σm,z,d design bending stresses parallel to grain fm,y,d, fm,z,d design bending strengths 

parallel to grain 

kc compression factor 

7.6 Basis of design 

As pointed out above, EC 5, unlike BS 5268, is based on limit state principles. However, in 
common with other limit state codes, EC 5 recommends that the two principal categories of limit 
states to be considered in design are ultimate and serviceability limit states. A separate third limit 
state of durability is also mentioned in section 4 of EC 5 which covers the risk of timber decay 
due to fungal or insect attack as well as the risk of corrosion of metal fasteners and connections, 
e.g. nails, screws and staples. Measures to reduce the risk of timber decay include selecting 
materials which are naturally durable or the use of appropriate preservative treatments. Possible 
measures against corrosion attack of metal fasteners include the use of zinc coatings or stainless 
steel. 

The terms ultimate state and serviceability state apply in the same way as is understood 
in other limit state codes. Thus ultimate limit states are those associated with collapse or with 
other forms of structural failure which may endanger the safety of people while serviceability 
limit states correspond to states beyond which specific service criteria are no longer met. The 
serviceability limit states which must be checked in EC 5 are deflection and vibration. The 
ultimate limit states, which must be checked singly or in combination, include bending, shear, 
compression and buckling. The various design rules for checking these limit states are discussed 
later. 

7.6.1 ACTIONS 

Action is the Eurocode terminology for loads and imposed deformations. Permanent 
actions, G, are all the fixed loads acting on the structure, including the finishes, fixtures and self 
weight of the structure. Variable actions, Q, include the imposed, wind and snow loads. 

Clause 2.3.1.1 of EC 5 recommends that the actions to be used in design, principally 
characteristic permanent, Gk, and variable, Qk, actions, should be taken from Eurocode 1: Actions 
on structures. Guidance on determining the design values of actions and combination of actions, 
including the partial safety factors for actions, are given in EN 1990: Basis of structural design. 
These documents and topics are briefly discussed in section 8.5 of this book. As noted there, the 
design value of an action (Fd) is obtained by multiplying the representative value (Frep) by the 
appropriate partial safety factor for actions (γf): 

Fd = γfFrep (7.1) 
Table 7.2 shows the relevant partial safety factors for the ultimate limit state of strength. 

Other safety factors will apply in other design situations. For example, the partial factors for the 
ultimate limit states of equilibrium are shown in Table 8.6. In equation 7.1, Frep is generally taken 
as the characteristic value of a permanent or variable action (i.e. Fk). Assuming that the member 
being designed is subjected to one or more permanent actions and one variable action only, i.e. 
load combination 1 in Table 11.2, the partial safety factor for permanent actions, γG, will normally 
be taken as 1.35 and for the variable action, γQ as 1.5. As discussed in section 8.5.3, it is possible 
to improve structural efficiency by using expressions 6.10a and 6.10b of EN 1990 (respectively, 
load combination 3(a) and 3(b)/3(c) in Table 7.2) to estimate the design values of actions but the 
value of 1.35 for γG is conservative and used throughout this chapter. 

Table 7.2 Load combinations and partial safety/combination factors for the ultimate limit state of strength 
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Limit state/Load combination Load Type 

Permanent, Gk Imposed, Qk Wind, Wk 

Unfavourable Favourable Unfavourable Favourable 

Strength: 
 

1. Permanent and variable 1.35/1.35ξ 1.0 1.5 0 - 
2. Permanent and wind 1.35/1.35ξ 1.0 - - 1.5 

3. Permanent, imposed and wind  

(a) 1.35 1.0 1.5ψ0,1 0 1.5ψ0,2 
(b) 1.35/1.35ξ 1.0 1.5 0 1.5ψ0 
(c) 1.35/1.35ξ 1.0 1.5ψ0 0 1.5 

7.6.2 MATERIAL PROPERTIES 

EC 5, unlike BS 5268, does not contain the material properties, e.g. bending and shear 
strengths, necessary for sizing members. This information is to be found in a CEN supporting 
standard for timber products, namely EN 338: Structural Timber: Strength classes. 

Table 7.3 shows the range of timber strength classes available for design. In practice the 
most commonly recommended strength classes are C16 and C24. The table also gives the 
characteristic strength and stiffness properties and density values for each class. Note that the 
strength class indicates the characteristic bending strength of the timber. Comparison with the 
strength classes used in BS 5268 (Table 6.3) shows that they are in fact identical except class 
TR26. However, there are considerable differences in the values of strength for the same class of 
timber. This is because the strengths in EN 338 are fifth percentile values derived directly from 
laboratory tests of five minutes duration whereas those in BS 5268 are grade stresses which have 
been reduced for long-term duration and already include a safety factor. One benefit of using 
characteristic values of material properties rather than grade stresses is that it will make it easier 
to sanction the use of new materials and component for structural purposes, since such values 
can be utilised immediately, without first having to determine what reduction factors are needed 
to convert them to permissible or working values. 

The characteristic values of strength in Table 11.3 are related to a depth in bending and 
width in tension of 150 mm. For depths in bending or widths in tension of solid timber, h, less 
than 150 mm the characteristic bending and tension strengths may be increased by the factor kh 
given by: 

 

 (7.2) 
 

Table 7.3 Structural timber strength classes (Table 1, EN 338) 

 



 

120 
 

 

Table 7.4 Partial factors, γM, for solid timber (based on Table 2.3, EC 5) 

Design situation γM 

Fundamental combinations for solid timber 1.3 
Accidental combinations 1.0 
Serviceability limit states 1.0 

Table 11.5 Values of kmod for solid timber (based on Table 3.1, EC 5) 
Load duration class Service class 

1 2 3 

Permanent 0.60 0.60 0.50 

Long-term 0.70 0.70 0.55 
Medium-term 0.80 0.80 0.65 

Short-term 0.90 0.90 0.70 
Instantaneous 1.10 1.10 0.90 

The characteristic strengths, Xk, are converted to design values, Xd, by dividing by a partial 
factor, γM, taken from Table 11.4, and multiplying by a factor kmod, obtained from Table 11.5. 

Note that γM is not simply a partial factor for materials but also takes account of modelling 
and geometric uncertainties. 

(7.3) 
EC 5, like BS 5268, allows the design strengths determined using equation 11.3 to be 

multiplied by a number of other factors as appropriate such as kcrit (section 11.4.4), kv (section 
11.4.5), kc,90 (section 11.4.6) and the loading sharing factor, ksys, where several equally spaced 
similar members are able to resist a common load. Typical members which fall into this category 
may include joists in flat roofs or floors with a maximum span of 6m and wall studs with a 
maximum height of 4m (clause 5.4.6, ENV EC 5). According to clause 6.6 of EC 5 a value of ksys = 

1.1 may generally be assumed. 
As can be seen from Table 11.5, kmod takes into account the effect on strength parameters 

of the duration of load and the environmental conditions that the structure will experience in 
service. EC 5 defines three service classes, which are the same as those in BS 5268, and five load 
duration classes, which differ from those in BS 5268, as summarised in Tables 11.6 and 11.7 
respectively. See also Table 2 of National Annex to EC 5 for guidance on assignment of timber 
elements in building structures to service class. 

Table 11.6 Service classes (based on clause 2.3.1.3, EC 5) 

 
Where a load combination consists of actions belonging to different load duration classes 

the value of kmod should correspond to the action with the shortest duration. For example, for a 
permanent load and medium-term combination, a value of kmod corresponding to the medium-
term load should be used. 
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Table 7.7 Load duration classes (Table 1 of National Annex to EC 5) 

Load-duration class 
Order of accumulated duration of 

characteristic load 
Examples of loading 

Permanent  
Long-term  

Medium-term  
Short-term 

Instantaneous 

> 10 years 
6 months - 10 years  
1 week - 6 months  

< 1 week 

Self weight 
Storage 

Imposed floor loading 
Snow, maintenance 

Wind, impact loading 

 
Having discussed these more general aspects it is now possible to describe in detail EC 5 

rules governing the design of flexural and compression members. 

 

Fig. 11.1 Beam axes. 

7.7 Design of flexural members 

The design of flexural members principally involves consideration of the following actions 
which are discussed next: 

1. Bending 
2. Deflection 
3. Vibration 
4. Lateral buckling 
5. Shear 
6. Bearing 

7.7.1 BENDING (CL. 6.1.6, EC 5) 
 

If members are not to fail in bending, the following conditions should be satisfied:  

 

where 
σm,y,d and are the design bending stresses 
σm,z,d about axes y-y and z-z as shown in Fig. 7.1 
fm,y,d and are the corresponding design bending 
fm,z,d strengths 
km is a factor that allows for the redistribution of secondary bending stresses and 

assumes the following values: 
for rectangular or square sections km = 0.7 
for other cross-sections km = 1.0 
It should be noted that in EC 5 the x-x axis is the axis along the member and that axes y-y 

and z-z are the major and minor axes respectively. These definitions are consistent with the other 
structural Eurocodes.  

For beams with rectangular cross-sections  
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where 
My,d and Mz,d are the design bending moments about y-y (major axis) and z-z (minor axis) 
Wy and Wz are the values of elastic modulus 
about y-y and z-z 
b is the breadth of beam 
h is the depth of beam 

7.7.2 DEFLECTION (CL. 7.2, EC 5) 

To prevent the possibility of damage to surfacing materials, ceilings, partitions and 
finishes, and to the functional needs as well as aesthetic requirements, EC 5 recommends various 
limiting values of deflection for beams (see Table 7.2, EC 5). The components of deflection are 
shown in Figure 7.2, where the symbols are defined as: 

wc is the precamber (if applied) 
winst is the instantaneous deflection due to permanent and variable actions 
wcreep is the creep deflection due to permanent and variable actions 
wfin is the final deflection due to permanent 
and variable actions = winst + wcreep 
wnet,fin is the net final deflection due to permanent and variable actions = wfin - wc 
 

 

 

Table 11.8 Limiting values for deflections of beams (based on Table 4 of National Annex to EC 
5) 

Type of member Deflection limits for individual beams, wfin 

A member of span, l between 
two supports 

A member with a 
cantilever, l 

Roof of floor members with a plastered or plasterboard ceiling l/250 l/125 
Roof of floor members without a plastered or plasterboard ceiling l/150 l/75 

 
Note that if no precamber is applied net final deflection is equal to final deflection. 
Clause 2.5 of the National Annex to EC 5 reiterates the advice in clause 4.2(2) of Annex A1 

of EN 1990 that deflection and other serviceability requirements should be specified for each 
project and agreed with the client, but for guidance provides the values for net final deflection 
of beams in Table 7.8, which take into account creep deformations. 

According to clause 2.2.3(5) when the member supports one or permanent actions but 
only a single variable action (i.e. Q1) the final deflection, ufin, is given by 

(7.8) where 
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in which 
kdef is the deformation factor 
ψ2 is the factor for quasi permanent value of 
permanent actions (Table 8.8) 
The instantaneous deflections, i.e. uinstG and uinstQ1, can be calculated by means of the 

expressions given in Table 6.9 in this book and using E0,mean or E90,mean as appropriate. Note that 
unlike BS 5268 it is necessary to calculate the deflections produced by permanent and variable 
actions separately in EC 5. The final deflections are derived from the instantaneous deflection via 
kdef which takes into account the combined effect of creep and moisture content. Recommended 
values of kdef are given in Table 7.9. 

Table 11.9 Values of kdef for solid timber to EN 14081-1 and glue laminated timber to EN 14081 (based on 
Table 3.2, EC 5) 

Material 
Service class 

1 2 3 

Solid timber 

Glued laminated 

timber 

0.60 

0.60 

0.80 

0.80 

2

.00 

2

.00 

7.7.3 VIBRATION (CL. 7.3, EC 5) 

EC 5, unlike BS 5268, gives procedures for calculating the vibration characteristics of 
residential floors which must satisfy certain requirements otherwise the vibrations may impair 
the functioning of the structure or cause unacceptable discomfort to users. 

The fundamental frequency of vibration of a rectangular residential floor, f1, can be 
estimated using the following expression and should normally exceed 8 Hz 

 

 (7.11) 
where 
m mass equal to the self weight of the floor and other permanent actions per unit area in 

kg m-2 
l floor span in m 
(EI)l equivalent bending stiffness in the beam direction Nm2 m-1 
For residential floors with a fundamental frequency greater than 8 Hz the following 

conditions should also be satisfied: 
s is the joist spacing in mm 
leq is the span, l, in mm, for simply 
supported single span joists 
kamp 1.05 for simply supported solid timber joists 
The value of ν may be estimated from 

 

Table 11.10 Values of the parameters a and b (based on Table 5 of National Annex to EC 5) 
Parameter Limit 
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a 1.8 mm for l ≤ 4 000 mm 

16 500/l1.1 mm for l > 4 000 mm 

Where l is the joist span in mm 

b For a ≤ 1 mm b = 180 - 60a 
For a > 1 mm b = 160 - 40a 

where 
 

b is the floor width in m 
l is the floor length in m 
n40 is the number of first order modes with natural frequencies below 40 Hz and is given 

by 
 

 (7.17) 
ζ is the modal damping coefficient, normally taken as 0.02 
w is the maximum vertical deflection caused by a concentrated static force F = 1.0 
v is the unit impulse velocity 
a is the deflection of floor under a 1 kN point load obtained from Table 7.10 
b is the velocity response constant obtained from Table 7.10. 
The value of w in equation 7.12 may be estimated from the following expression given in 

clause 2.6.2 of the National Annex to EC 5 
 

 (7.14) 
where 
kdist is the proportion of point load acting on 
a single joist 
leq is the equivalent floor span in mm 
kamp is the amplification factor to account for shear deflection in the case of solid timber 
(EI)joist is the bending stiffness of a joist in Nmm2 (calculated using Emean) 
kdist = kstrut[0.38 - 0.08 ln[14(EI)b/s4] ≥ 0.30 (7.15) 
in which 
kstrut = 0.97 for appropriately installed single or multiple lines of strutting, or otherwise 

1.0 
(EI)b is the floor flexural rigidity perpendicular to the joists in Nmm2 m-1 
where (EI)b is the equivalent plate bending stiffness parallel to the beams and the other 

symbols are as defined above. 

7.7.4 LATERAL BUCKLING OF BEAMS (CL. 6.3.3, EC 5) 

Where both lateral displacement of the compression edge throughout the length of the 
member and twisting of the member at supports are prevented, lateral buckling should not 
occur. Otherwise the member may be vulnerable to lateral buckling and the rules in Cl. 6.3.3 (3) 
of EC 5 should be used to assess the bending behaviour. Generally, the following condition should 
be verified 

 

where 
σm,d design bending stress 
fm,d design bending strength 
kcrit is a factor which takes into account the reduction in bending strength due to lateral 

buckling and is given by 
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where λrel,m is the relative slenderness ratio for bending given by 

(7.22) 
 

Table 7.11 Effective length as a ratio of the span (based on Table 6.1, EC 5) 

 
aThe ratios are valid for beams with torsionally restrained supports, loaded at the centre of gravity. If the load is applied at the 

compression edge of the beam, lef should be increased by 2 h and may be decreased by 0.5 h for a load at the tension edge of the beam.where 

fm,k is the characteristic bending stress 
σm,crit is the critical bending stress generally given by 
 

 (7.23) 
 

 (7.26) 
where 
VEd is the design shear force  
A is the cross-sectional area 
The design shear strength, fv,d, is given by 

(7.27) 
and for softwoods with solid rectangular sections should be taken as 
 

(7.24) 
 

where 
lef is the effective length of the beam, according 
to Table 7.11 
b width of beam 
h depth of beam 
Iz is the second moment of area about z-z 
Itor is the torsional moment of inertia 
fm,k characteristic bending strength 
E0,05 is the fifth percentile modulus of elasticity parallel to grain (Table 7.3) 
G0,05 is the fifth percentile shear modulus = E0,mean/16 

7.7.5 SHEAR (CL. 6.1.7 & 6.5, EC 5) 

If flexural members are not to fail in shear, the following condition should be satisfied: 
where fv,k is the characteristic shear strength (Table 7.3) 
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For beams notched at their ends as shown in Figure 7.3, the following condition should 
be checked 

 

 (7.28) 
where 

 (see Fig. 7.3) (7.29) 
kv is the shear factor which may attain the following values: 
For beams notched at the oppostie side to support (Fig. 7.3b) 
kv = 1 
 

 (11.25) 
where 
τd is the design shear stress 
fv,d is the design shear strength (Table 7.3) 
For a beam with a rectangular cross-section, the design shear stress occurs at the neutral 

axis and is given by: 
For beams of solid timber notched at the same side as support (Fig. 7.3a) 
 

 (7.30) 
where 
kn = 5 for solid timber 
i is the notched inclination as defined in Fig. 7.3 
h is the beam depth in mm 
x is the distance from line of action to the corner  
 

 (7.33)  
and at internal supports is given by 
 

(see Fig. 7.3) (7.31) 
 
 

 

Fig. 7.3 End notched beams (Fig. 6.11, EC 5). 

7.7.6 COMPRESSION PERPENDICULAR TO THE GRAIN (CL. 6.1.5, EC 5) 

For compression perpendicular to the grain the following condition should be satisfied: 

 
where 
σc,90,d is the design compressive stress perpendicular to grain 
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fc,90,d is the design compressive strength perpendicular to grain 
kc,90 is the compressive strength factor. 
Clause 6.1.5(4) of EC 5 gives details of other ‘member arrangements’ and associated 

expressions for kc,90. In all cases the higher value of kc,90 will apply but with an upper limit of 4. If 
none of the member arrangements are appropriate, however, the value of kc,90 should be taken 
as 1. 

It should be noted that there is a proposed amendment to this check which is due to be 
implemented sometime after publication of this book. Like the present method it involves 
checking that the following condition is satisfied 

 
but with 

 
The factor kc,90 principally takes into account the effect of support position and bearing 

length on bearing strength. For example in the case of a beam b wide and h deep, resting on end 
and internal supports, bearing length l and overhang a ≤ h/3 (Fig. 7.4), kc,90 at the end support is 
given by 

where Aef is the effective contact area in compression perpendicular to the grain and the 
other symbols are as defined above. 

 

 

Fig. 7.4 Compression perpendicular to grain (based on Fig. 6.2, EC 5). 

According to the amended clause 6.1.5, Aef should be determined taking into account an 
effective contact length parallel to the grain, where the contact length, l, at each side is increased 
by 30 mm but not more than a, l or l1/2 (Fig. 7.5). The value of kc,90 should generally be taken as 
1.0. For members on discrete supports, provided l1 ≥ 2h, the value of kc,90 may be taken as 1.5 for 
solid support softwood timber. Other values apply for members on continuous supports and for 
glued laminated softwood timber. 

 

 

 

Fig. 7.5 Member on discrete support (based on Fig. 6.2b, prEN 1995-1-1: A1: 2007). 
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7.8 Design of columns 

Columns are normally subjected to either axial load or combined axial load and bending. 
Axially loaded members may fail in compression or flexural buckling depending upon the relative 
slenderness ratios, λrel,z and λrel,y. Members subject to axial load and bending are also susceptible 
to these modes of failure but may additionally fail due to lateral torsional buckling. The following 
subsections discuss the rules relevant to the design of members subject to these two types of 
stress states. 

7.8.1 COLUMNS SUBJECT TO AXIAL LOAD ONLY (CL. 6.3.2, EC 5) 

The relative slenderness ratios λrel,z and λrel,y are defined in EC 5 as follows 
and 

 

 

where 
λy and λrel,y are slenderness ratios corresponding to bending about the y-axis 
(deflection in the z-direction) 
λz and λrel,z are slenderness ratios corresponding to bending about the z-axis (deflection in 

the y-direction) 
E0,05 is the fifth percentile value of the 
modulus of elasticity parallel to the grain. 
The slenderness ratio, λ, is given by: 
 

 (7.37) 
where 
lef is the effective length 
i is the radius of gyration 
EC 5 does not include a method for determining the effective length of a column. 

Therefore, designers will have to refer to the recommendation in BS 5268: Part 2, as discussed in 
section 6.7.1 of this book. 

Where both λrel,z and λrel,y are less than or equal to 0.3, columns subject to axial load only 
should satisfy the following condition: 

σc,0,d ≤ fc,0,d (11.38) 

where 
fc,0,d is the design compressive strength obtained from eq. 7.3 
σc,0,d is the design compressive stress given by 

(7.39) 
in which 
N is the axial load 
A is the cross-sectional area 
In cases where either λrel,z or λrel,y exceeds 0.3, the column should satisfy the more 

stringent of the following: 
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in which 
where 
βc = 0.2 (for solid timber). 

7.8.2 COLUMNS SUBJECT TO AXIAL LOAD AND BENDING (CL. 6.3.2, EC 5) 

In this case if the relative slenderness ratios about both the y-y and z-z axis of the column, 
λrel,y and λrel,z respectively, are less than or equal to 0.3 the suitability of the section can be 
assessed using the more stringent of the following conditions 

 

(11.46) 

 (7.47) 
where 

σc,0,d is the design compressive stress from eq. 7.39 
fc,0,d is the design compressive strength from eq. 7.3 
km = 0.7 for rectangular sections and = 1.0 for other cross-sections 

 

Where either λrel,z or λrel,y exceeds 0.3, the column is vulnerable to flexural buckling and 
the more stringent of the following expressions should be satisfied 

 

Moreover in cases where λrel,z or λrel,y exceeds 0.3 and when a combined compressive force 
and a moment about the major axis (y-y) act, the column may be susceptible to lateral torsional 
buckling. The risk of this mode of failure occurring can be assessed using the following expression 
taken from clause 6.3.3(6): 

 

 (7.50) 
where σm,d is the design bending stress, σc,d is the design compressive strength parallel to 

the grain, kcrit is given by equations 7.19-7.21 and kc,z is given by equation 7.43. 


